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SUMMARY 
 
The paper presents the results of recently finished study regarding water absorption ability of 
different façade systems prepared by using traditionally produced calcite lime putty. The façade 
consists of main rendering (rough mortar), finishing rendering layer (fine mortar) and protective 
layer of lime wash. Specimens for the study were prepared and tested in laboratory and on-site, 
on the inner and outer walls of castle Novo Celje from the Baroque period.  
 
 
INTRODUCTION 
 
We notice buildings normally first from their facades. They give a house, church or castle its 
outlook in composition of elements and also in colours and decorations. In Slovenia historical 
facades are manly composed of two or more rendering layers and finished with white or coloured 
lime wash. Although the main role of the rendering layers and lime wash was protection of load-
bearing masonry (stone, brick or combination of the two) against weathering, protection of 
occupants against wind and control of hygro-thermal variations, decorative aspect was seldom 
neglected.  
 

  a)   b) 
Figure 1. Castle Novo Celje (a) and Ljubljana’s Town square (b). 

 
For Baroque and subsequent periods imitation of pure stone facade elements by profiled and 
structured final lime rendering layer is a typical feature of facades of important buildings in old 
town centres, as well as of some castles and churches (Figure 1). Sometimes, however, imitation 
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of pure stone elements only by painting them in fresco or secco technique was carried out. 
Corner stones or quoins, originally made from ashlars, were typically imitated in this way for 
churches and homes of wealthy farmers (Figure 2). When secco technique was chosen, addition 
of casein to the coloured lime wash was often used in order to increase durability of painted 
surface. However, also casein was sometimes added when fresco technique was applied. Another 
organic binder used as additive to the lime wash for historical lime-based facades in Slovenia 
was linseed varnish.  
 
 

Figure 2. Painted imitations of corner stones in fresco technique. 
 
The research work of our research team dedicated to historical materials during the last decade 
has been focused manly on the properties of lime-based mortars for clay bricklaying and main 
rendering layer (Bokan Bosiljkov and Bosiljkov 2000, Bokan Bosiljkov 2001a, Bokan Bosiljkov 
2001b, Bokan Bosiljkov et al. 2004, Veiga et al. 2004, Bokan Bosiljkov and Valek 2005). 
However, in our recent studies (Kikelj and Bokan Bosiljkov 2006, Bokan Bosiljkov et al. 2006) 
properties of lime-based façade systems that could be successfully used in restoration of 
historical buildings in Slovenia were considered. We focused first on the selection of adequate 
traditionally produced lime putty. Fortunately, there are still some owners of small lime kilns all 
over Slovenia that are producing quick lime and lime putty in traditional way. For this reason 
limited amounts of traditional dolomite (mainly) or calcite (rarely) lime putty are still available 
for the preparation of lime mortars and lime washes. Among three different traditional lime 
putties used during the preliminary study, two calcitic lime putties were chosen for the 
preparation of lime-based façade specimens composed of main rendering layer, finishing 
rendering layer and lime wash. The specimens were prepared in laboratory and on-site, on the 
inner and outer walls of castle Novo Celje from the Baroque period. For the laboratory 
specimens a study about the influence of several parameters, such as: 
- the finishing mortar layer surface structure,  
- the application technique of lime wash (fresco, lime or secco) and  
- the presence of organic additives (linseed varnish or casein)  
on the complexity of applying lime washes and their properties (appearance, intensity of colour 
nuances, strength of binding) as well as the absorption of water of the façade system was carried 
out. For the specimens applied to the castle Novo Celje only water absorption tests were carried 
out, since these specimens were prepared by skilled worker of Restoration Centre of Institute for 
the Protection of Cultural Heritage of Slovenia. In the sequel of the paper the results of the water 
absorption test are presented and discussed.  
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EXPERIMENTAL WORK 
 
Properties of used lime putties 
 
As stated above, two calcitic lime putties were used for the study. The first one was soft burnt 
lime putty from Stranje, burned and slaked in traditional way (denotation putty S). The second 
one was lime putty from Tržič, produced by slaking industrially burned quick lime (burnt at 
temperatures between 1000 and 1200ºC) in traditional way (denotation putty T). Putty S was 
aged for more than 1 year, and putty T for at least 3 months. The particle size distributions of 
selected lime putties are presented in Figure 3, showing that there is no important difference in 
this characteristic between the two putties.  
 
In order to determine compressive strength (SIST EN 1015-11, 2001) and water absorption 
(SIST EN 1015-18, 2004) of mortars prepared by the lime putties (mortar S and mortar T), lime 
mortars with composition of 1 volume part of the putty and 3 volume parts of crushed limestone 
sand (1 volume part of 0/2 mm fraction and 2 volume parts of 0/4 mm fraction) were prepared. 
Adequate workability of fresh mortars was determined by skilled workers and the appertaining 
flow values (SIST EN 1015-3, 2001) of the mortars were 140 mm and 138 mm for mortar S and 
T, respectively. The compressive strength after 60 and 90 days was 1.3 MPa and 1.4 MPa for 
mortar S and 1.6 MPa and 1.8 MPa for mortar T, and coefficient of water absorption was 0.29 
g/(cm2·min0.5) and 0.16 g/(cm2·min0.5) for the mortar S and mortar T, respectively. Based on 
these results lime putty T was chosen for the preparation of the laboratory specimens. For the on-
site specimens, however, lime putty S was used, since this lime putty was produced entirely in 
the traditional way.  
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Figure 3. Particle size distributions of selected lime putties. 

 
Tests in the laboratory  
 
For the preparation of the lime façade test specimens, slabs from porous limestone (Jezersko 
tuff), were used as substrate. Rough mortar for the main render layer was prepared with crushed 
limestone sand of 0/4 mm fraction and the volume ratio between sand and lime putty T was 3:1. 
Fine mortar, as the finishing rendering layer of the façade system, was chosen based on 
comprehensive practical testing. The volume ratio between fine crushed limestone sand (0/1 mm 
fraction) and lime putty T equal to 3:2 gave the best overall behaviour. In order to study the 
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influence of smoothness of the finishing layer, the surface was prepared in smooth and rough 
way. A protective layer of lime wash was prepared in several different compositions (Figure 4), 
by using whitewash (lime putty:water=1:2 + additional water chosen by skilled worker), aqua 
fortis (lime putty:water=1:3 or 1:4 + additional water chosen by skilled worker), pigment (yellow 
oxide) and additives (linseed varnish and 2 types of casein). The caseins were prepared following 
the recipes of old masters from home made fresh cottage cheese and lime putty. For the first type 
of casein (casein1) the cheese:lime putty ratio was 1:1. After mixing the ingredients to a 
homogenous liquid and filtering it through gauze, the filtered liquid was diluted with potable 
water (liquid:water = 1:1). For the second type of casein (casein2) the cheese:lime putty ratio 
was 5:1. After mixing the ingredients and adding 3 volume parts of distilled water the 
homogenous liquid was filtered through gauze. The linseed varnish was added in the amount of 
1% according to the lime putty mass in whitewash or aqua fortis, and casein was added in the 
amount of 10 and 25%, according to the mass of whitewash and aqua fortis, respectively. The 
amount of the pigment added to the lime wash depended on the technique of application: for 
fresco and secco technique it was 20%mass and 10% mass, respectively, according to the lime putty 
content in the whitewash, and for the lime technique it was 20%mass according to the lime putty 
content in the aqua fortis. Different types of lime wash used in the study and the appertaining 
denotations (first denotation in line is for rough and second, marked by *, is for smooth surface 
of finishing layer) were as follows: 

Fresco technique  
1/1*  whitewash  
2/2*  whitewash with varnish 
3/3* whitewash with 25% of casein-1 
4/4* whitewash with 25% of casein-2 
5/5*  coloured lime wash 
6/6*  coloured lime wash with varnish 
7/7* coloured lime wash with 25% of casein-1 
8/8* coloured lime wash with 25% of casein-2 

Secco technique  
13/13*  whitewash - 2-times lime wash without and 2-times with varnish 
14/14* whitewash - 2-times lime wash without and 2-times with 10% of casein1 
15/15* lime wash with 10% of pigment - 2-times lime wash without and 2-times with varnish 
16/16* lime wash with 10% of pigment - 2-times lime wash without and 2-times with 10% of 
casein1 

Lime technique 
17/17* aqua fortis with 20% of pigment on freshly whitewashed dry lime render 
18/18* aqua fortis with 20% of pigment and varnish on freshly whitewashed dry lime render  
19/19* aqua fortis with 20% of pigment and 25% of casein1 on freshly whitewashed dry lime 
render  
20/20* aqua fortis with 20% of pigment and 25% of casein2 on freshly whitewashed dry lime 
render 
 

Click here to searchClick here for table of contents



  

Figure 4. Lime washes used in the study. Figure 5. Water absorption test. 
 
Among several tests used for the characterisation of the façade systems also water absorption 
tests was carried out. The pipe-method (RILEM test Nº II.4 of RILEM commission 25-PEM) 
was used to measure the quantity of water absorbed under low pressure by a definite surface of a 
porous material and after a definite time. The pipe is applied on the material by interposing a 
tape of putty. Then the pipe is filled with water through the upper opening up to the gradation 0. 
The quantity of water absorbed by the material in function of time (after 5, 10, 15, 30 and 60 
minutes) can be read directly from the graduated tube (Fig 5). The test was carried out on 16 
different façade specimens and also on finishing rendering layer prepared in rough or smooth 
way. Coefficient of water absorption was determined as average coefficient (Caver) after 60 
minutes or earlier. For the second case the Caver was determined after the time when water 
reached graduation of 4 cm3. 
 
On-site tests  
 
For the castle Novo Celje lime putty S and local sand from Pirešica creek were used for the 
preparation of lime mortars. The rough mortar was prepared from 0/4 mm fraction and the fine 
one from 0/2 mm fraction. The volume ratio between sand and lime putty was 3:1 in both cases. 
The compressive strength of the rough mortar was after 60 days only 0.53 MPa. Difference in 
compressive strengths between mortar S (1.3 MPa) and on site rough mortar may be due to 
difference in used sand and also due to higher content of water added on site.  
 
A protective layer of coloured lime wash or whitewash was applied in secco technique. For the 
colouring of lime wash the following pigments were used: Bologna chalk, yellow ochre, red 
ochre, green earth, beech charcoal. Lime washes coloured with all of the above listed pigments 
were applied to the finishing rendering layer on the inner wall of the castle, while on the outer 
wall only lime wash coloured with yellow ochre was used. As in the laboratory also here the pipe 
method was used for the water absorption tests. The test was carried out on finished façade 
specimens and also on main and finishing rendering layer (Figure 6). Finally the Caver was 
determined in the same way as for the laboratory tests. 
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a) b) 
 

c) 
Figure 6. Water absorption tests on inner (a and b) and outer walls of the Novo Celje castle. 

 
 
RESULTS AND DISCUSSION 
 
Results of the water absorption tests in the laboratory are given in Figure 7 for the fresco 
technique and in Figure 8 for the secco and lime techniques. From the results in Figure 7 we can 
see that all lime washes reduced water absorption of the façade system, compared to that 
obtained without lime wash: for the rough surface of the finishing rendering layer Caver was equal 
to 0.20 g/(cm2·min0.5) and for the smooth surface it was equal to 0.11 g/(cm2·min0.5).  
 

Lime washes with different additives - fresco technique
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Figure 7: Results of the water absorption test for the fresco technique. 

 
However, there is big difference in the extent of water absorption decrease among the tested lime 
washes and, as a rule, lime wash on the rough surface exhibited much lower water absorption 
than the same lime wash on the smooth surface. The rough surface is capable to bind much 
thicker layer of lime wash and thus to form protective layer, which is less permeable for water. 
The only exception from the rule is coloured lime wash without additive, where water absorption 
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of the specimen with lime wash on the smooth surface was considerably lower than that of the 
specimen with the same lime wash on the rough surface. Such behaviour could be due to higher 
content of the lime binder on the smooth surface, available for binding the pigment.  
 
The lowest decrease in water absorption was obtained for the whitewash without additive and 
pigment (1: Caver = 0.062 g/(cm2·min0.5) and 1*: Caver = 0.066 g/(cm2·min0.5)) and for coloured 
lime wash without additive on rough surface (5: Caver = 0.059 g/(cm2·min0.5)). Higher decrease in 
water absorption was obtained, when varnish or casein was added to the lime wash. For the 
particular surface quality (rough or smooth) addition of varnish reduced water absorption of the 
façade system for less than both caseins. For the lime washes prepared with one of the caseins 
and applied on the rough surface, water absorption was close to zero (3: Caver = 0.008 
g/(cm2·min0.5); 4: Caver = 0.001 g/(cm2·min0.5); 7: Caver = 0.009 g/(cm2·min0.5); 8: Caver = 0.004 
g/(cm2·min0.5)). 
 

Lime washes with different additives - secco and lime technique
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Figure 8: Results of the water absorption test for the secco and lime technique. 

 
In case of secco technique (Figure 8) not only addition of casein, as for fresco technique, but also 
addition of varnish to the lime wash applied on the rough surface extremely reduced water 
absorption of the façade system, since it was close to zero (Caver between 0.001 and 0.004 
g/(cm2·min0.5)). For the lime washes applied on the smooth surface, absorption of water was 
considerably higher: the highest for the lime wash with casein and without pigment (Caver = 
0.032 g/(cm2·min0.5)), lower for the two lime washes with varnish and pigment (Caver = 0.012 
g/(cm2·min0.5)) and the lowest for the lime wash with casein (Caver = 0.014 g/(cm2·min0.5)). It 
means that the same rule as for fresco technique is also valid for the secco technique: water 
absorption of façade system where lime wash contains organic additive is much lower for the 
rough surface of the finishing rendering layer. By using lime technique this rule applies only for 
the addition of casein1, where absorption of water for the smooth surface is only slightly lower 
(Caver = 0.045 g/(cm2·min0.5)) than for the lime wash without additive (Caver = 0.058 
g/(cm2·min0.5)), and for the rough surface it is considerably decreased (Caver = 0.011 
g/(cm2·min0.5)). The addition of casein2, on the other hand, considerably reduced absorption of 
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water, equally for smooth and rough surface (Caver = 0.012 g/(cm2·min0.5)). When the varnish was 
added to the lime wash, absorption of water was between that of the washes 19* and 19, and 
higher for rough than for smooth surface. As expected, also for the lime technique reduction in 
water absorption was the lowest for the lime wash without organic additive ((Caver = 0.058 
g/(cm2·min0.5)). 
 
Results of the on-site water absorption tests are given in Figure 9 for the inner and in Figure 10 
for the outer test specimens. From the results in the Figure 9 we can see that the average 
coefficient of water absorption was the highest for the main rendering layer (Caver = 1.74 
g/(cm2·min0.5)) and substantially lower for the finishing rendering layer (Caver = 0.69 
g/(cm2·min0.5)), as it was expected. Application of whitewash or coloured lime wash decreased 
water absorption of composed layer only slightly (Caver between 0.57 and 0.41 g/(cm2·min0.5)). 
The only exception was lime wash with Bologna chalk, where coefficient of water absorption 
was decreased considerably (Caver = 0.26 g/(cm2·min0.5)).  
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Figure 9. Results of the on-site water absorption test – inner walls of the castle. 

 
Comparison of the results obtained on test specimens attached to the inner wall (Figure 9) with 
those obtained on the outer façade specimens (Figure 10) reveal that the average water 
absorption of the particular layer or combination of layers is lower for the specimens on the outer 
wall (main rendering layer: Caver = 1.4 g/(cm2·min0.5); specimen with finishing rendering layer: 
Caver = 0.36 g/(cm2·min0.5); specimen with protective layer Caver = 0.26 g/(cm2·min0.5)). The 
obtained difference in velocity of water absorption could be due to faster carbonation of the outer 
specimens because of continual availability of fresh air and thus also of CO2.  
 
The results obtained on-site can not be directly compared to the results of the laboratory tests, 
due to different lime putties, sources of sand, compositions of fine mortar for finishing rendering 
layer and application techniques. However, it is obvious that water absorption of specimens 
prepared in the laboratory was much lower than it was for comparable on-site specimens. For 
example, coefficient of water absorption was more than 3-times higher for the on-site specimens 
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with the finishing rendering layer, compared to that in the laboratory (rough surface). Difference 
is much larger when complete façade specimens are considered, since Caver of the specimen 17 
(Caver = 0.06 g/(cm2·min0.5)) is more than 4-times lower than the lowest Caver obtained when lime 
wash with Bologna chalk was applied (Caver = 0.26 g/(cm2·min0.5)). It is true that conditions in 
the laboratory are more controlled and preparation of specimens is easier. However, such large 
difference in obtained results clearly shows that only by selection of traditional lime putty with 
better quality (lower water absorption of comparable mortar) and, more importantly, by selection 
of optimal grain size distribution and source of sand as well as by careful preparation and 
application of subsequent façade layers we can improve water resistance of lime-based façade 
considerably, even without addition of organic binder to the protective layer.  
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Figure 10. Results of the on-site water absorption test – outer walls of the castle. 
 
 
CONCLUSIONS 
 
The quality of finishing rendering layer surface has important influence on the water absorption 
ability of the façade system after applying the protective layer of the lime wash. When lime wash 
without organic additive was used, the water absorption of the façade system was reduced. 
However, it was generally higher for rough than for smooth surface. When organic binder was 
added to the lime wash, protective layers on the rough surface exhibited considerably lower 
water absorption (manly close to zero) than those on the smooth surface, and as a rule water 
absorption of façade system with organic binder in the lime wash reduced the water absorption 
much more than those without organic additive. 
 
However, not only the quality of finishing rendering layer surface and addition of organic binder 
to the protective layer but also careful selection of basic materials such as traditional lime putty 
with adequate quality and sand of adequate source and optimal grain size distribution as well as 
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careful preparation and application of subsequent façade layers can decrease water absorption 
ability of lime-based façades. 
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NUMERICAL ANALYSIS OF OUT-OF-PLANE LOADED MASONRY WALL USING 
HOMOGENIZATION TECHNIQUE 
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 School of Civil and Environmental Engineering  
The University of Adelaide, SA, Australia 

 
 
 
 
SUMMARY 
 
The homogenization technique has been used in the past to derive the equivalent material 
properties and failure characteristics for solid brick masonry and recently it has been employed to 
investigate the complex mechanical properties of hollow concrete block masonry. However, few 
studies have been carried out to derive the equivalent material properties of standard ten-core 
brick masonry in Australia. In this paper, a very detailed finite element model is used to model a 
three-dimensional basic cell to derive the equivalent material properties for a homogenous 
masonry unit. Various load cases are applied on the basic cell surfaces to derive average stress-
strain relationships of the homogenous masonry unit under different stress states. The average 
elastic properties and failure characteristics of the homogenous masonry unit are obtained from 
the simulated results. The numerical results are verified by comparing to experimental results 
from previous tests at the University of Adelaide and numerical results from simulation using a 
distinct finite element model. The derived equivalent material properties can be utilized to 
simulate large-scale masonry structures and predict their failure modes under out-of plane 
loading.    
 
 
BACKGROUND 
 
Considerable research has been conducted to investigate the complex mechanical behavior of 
solid brick masonry structures using various theoretical and numerical homogenization 
techniques in the last decade (Anthoine 1995; Luciano and Sacco 1997; Ma et al. 2001; Zucchini 
and Lourenco 2002; Zucchini and Lourenco 2004; Milani et al. 2006). It has been shown that 
using homogenized material properties can give a reliable estimation of masonry response under 
both static and dynamic loading, however, substantially less computational time is taken to 
perform the analysis of masonry structures as compared with distinctive model in which bricks 
and mortar joints are separately discretized. Recently, the homogenization technique has been 
used to derive equivalent material properties of hollow concrete block masonry (Wu and Hao 
2007). However, no study has been conducted to analyse the response of masonry structure 
constituted by ten-core brick units jointed with mortar using the homogenization technique. Due 
to the complex geometric properties of the ten-core brick unit, it is very complicated and time 
consuming to use the distinctive model to perform the analysis of this kind of masonry structures. 
Therefore it is of importance if the equivalent material properties of this masonry structure can be 
derived. 
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In this paper, a basic cell is numerically modelled to derive the equivalent material properties and 
failure characteristics of masonry unit. In the numerical model, the basic cell is modelled with 
distinctive consideration of individual components of mortar and ten-core brick units. Drucker-
Prager strength theory is used for both mortar and brick. The average stress-strain relationships of 
the basic cell under different stress states are derived by applying various displacement 
boundaries on the basic cell surfaces. The equivalent material properties and failure 
characteristics of masonry material are derived from the simulation results. The developed 
homogenized model is validated in analysis of the response of a masonry wall subjected to out-
of-plane loads. 
 
HOMOGENIZATION PROCESS 

Masonry is a composite structure constituted by bricks and mortar. Traditionally laboratory tests 
are performed to get the average stress and strain relationships of a specimen in order to obtain 
the homogenized properties of composite materials such as concrete with aggregates and cement. 
For masonry structures, it is difficult to conduct the laboratory test. Therefore, the numerical 
homogenization method is used in this study to derive its equivalent material properties. Figure 1 
shows the homogenization process for a basic cell which contains all the geometric and 
constitutive information of the masonry wall. The basic cell is modelled, separately, with 
individual components of mortar and brick. Constitutive relations of the basic cell can be set up 
in terms of average stresses and strains from the geometry and constitutive relationships of the 
individual components. The average stress and strain ijσ  and ijε  are defined by the integral over 
the basic cell as   

dV
V V ijij ∫= σσ 1                                                                                                                               (1) 

 dV
V V ijij ∫= εε 1                                                                                                                               (2) 

where V  is the volume of the basic cell, ijσ  and ijε  are stress and strain components in an 
element. By applying various displacement boundary conditions on the surfaces of the basic cell, 
the equivalent stress-strain relationships of the basic cell are established and the equivalent 
material properties of the basic cell can be derived from the simulated stress-strain curves. 
 

 
 
 
 
 
 
 
 
 
 
 
 

Figure 1 Homogenization of masonry material  
 

a. Masonry sample 

b. Basic cell c. Homogenization 
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MATERIAL MODELS FOR BRICK AND MORTAR 
In order to derive the equivalent inelastic material properties of the basic cell, reliable material 
models for brick and mortar are important. The yield criterion for quasi-brittle materials such as 
brick and mortar is usually based on Drucker-Prager strength theory. The Drucker-Prager yield 
condition is given by: 

021 =−+ kJIα  (3)
where J2  is the second invariant of the deviatoric stress tensor Sij , I1 is the first invariant of the 
stress tensor, given by ijij ssJ 5.02 = , )( 3211 σσσ ++=I . α  is the pressure sensitivity coefficient 
and k  is a material constant.  
Typical 10-core clay brick unit manufactured by Hallet Brick Ptd Ltd with nominal dimensions of 
230× 110× 76 mm3 as shown in Figure 2 is used in this study. The detail dimensions and locations 
of 10 cores are also shown in Figure 2. The mortar consisted of cement, lime and sand mixed in 
the proportions of 1:2:9. This 10-core clay brick unit and a 10 mm thick mortar joint are used in 
this study. In the analysis, the same material properties for bed and head joints are assumed. Table 
1 lists material properties for mortar and brick. Details about the masonry properties are presented 
elsewhere (Griffith and Vaculik 2007). The above Drucker-Prager strength model and material 
properties for brick and mortar is coded into a finite element program LSDYNA to calculate the 
stress-strain relationships of the basic cell as shown in Figure 1b. 
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Figure 2 Nominal dimensions of brick unit (mm)  

Table 1 Material properties for brick and mortar 

 cE , tE  (GPa) cG (GPa) ν  tσ (MPa) cσ (MPa) α  K (MPa)  

brick 5.27 2.2 0.2 3.55 35.5 0.47 3.73 

mortar 0.44 0.18 0.3 0.6 6.14 0.47 0.65 

  
 

CONVERGENCE TESTS ON THE BASIC CELL 
The finite element mesh used in the numerical model of the basic cell is shown in Figure 3. As 
shown, the 10-core clay brick unit and mortar in the basic cell are discretized into a number of 
solid elements. Before the numerical analysis, convergence test on the influence of element size 
on computational accuracy is carried out by halving the size of the element for both brick and 
mortar while keeping loads on the basic cell unchanged until the difference between the results 
obtained with two consecutive element sizes is less than 5%. Totally, 3560 eight-node solid 
elements are used in the numerical model of the basic cell to achieve the reliable estimation. The 
final numerical model used in the simulation is shown in Figure 3. By applying various 
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displacement boundary conditions, a complete monotonic stress-strain relation can be derived 
through the homogenization process. 

 
 

(a) (b) 

Figure 3 Masonry Basic Cell Finite Element Model:  (a) brick, (b) mortar 

SIMULATED STRESS-STRAIN RELATIONSHIPS OF THE BASIC CELL  
The response of the basic cell under compressive-compressive, compressive-tensile, tensile-
tensile, compressive-shear and tensile-shear stress states are simulated in this study. Figure 4 
shows the typical stress-strain curves of the basic cell under uniaxial compressive-compressive 
stress states. As shown in Figure 4a, the uniaxial compressive strength in Z direction is 15.7 MPa, 
which is quite close to the experimental result of ultimate masonry compressive strength 16.0 
MPa carried out by Griffith and Vaculik (2007). It shows that the uniaxial compressive strengths 
of the basic cell in X and Y directions are 7.88 MPa and 7.39 MPa from the simulation results of 
uniaxial compressive-compressive states in X and Y directions, respectively, indicating that the 
geometry of hollow bricks with ten cores reduces the compressive strength of the basic cell in 
both X and Y directions significantly.  
As the basic cell under biaxial or triaxial compressive states, its strength enhancement in Z 
direction is not observed although there are significant strength enhancement in X and Y 
direction.  When the basic cell is under biaxial compressive loads in Y and Z directions as shown 
in Figure 4b, its maximum compressive strength in Z direction is 15.0 MPa, slightly smaller than 
its uniaxial strength although the maximum strength in Y direction is 24.8 MPa, much higher 
than its uniaxial compressive strength.  It also shows in Figure 4c that the maximum compressive 
strengths of the basic cell under triaxial compressive states in X, Y and Z directions are 8.73, 
17.4 and 13.8 MPa, respectively, and the compressive strength in Z direction is also slightly 
smaller than its uniaxial compressive strength. It should be noted that due to different dimensions 
of the basic cell in X, Y and Z directions, the ratios of the displacement in Y and Z directions as 
shown in Figure 4b and in X, Y and Z directions as shown in Figure 4c are set to be 2:3 (v:w) and 
4:2:3 (u:v:w) according to the dimension of the representative element so that the strain ratios in 
Y and Z directions and in X, Y and Z directions is about 1:1 and 1:1:1. 
Fig. 5 shows the typical stress-strain curves in compressive-tensile and tensile-tensile stress states. 
The uniaxial tensile strengths in X, Y and Z directions are 0.85 MPa, 1.84 MPa and 0.28 MPa. It 
can be seen that the tensile strength of the basic cell in Z direction is much smaller than tensile 
strength of mortar (0.6 MPa) because the volume of the cores is counted as part of the total 
volume of the basic cell as well as geometric size influence. The simulated results also indicate 
that there is not a significant tensile strength enhancement in Z direction when the basic cell is 
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under biaxial or triaxial tensile stress states. Under tensile-compressive stress state, the ultimate 
tensile strength slight increases. It can be observed from Figure 5b that the basic cell fails owing 
to tensile strain before the compressive strength reaches to the maximum value. When the basic 
cell under triaxial tensile states (see Figure 5c), its tensile strengths in X and Y direction reduce 
although there is a slight increase in its tensile strength in Z direction.  

 
                            (a)  (b) 

 
(c) 

Figure 4 Typical stress-strain relationships of basic cell in compressive-compressive stress states. 

   
(a) (b) (c) 

Figure 5 Typical stress-strain relationships of the basic cell in compressive-tension stress state. 

 
The representative stress-strain curves of the basic cell under the compressive-shear and tensile-
shear stress state is shown in Figure 6. The ultimate shear strengths zxτ , zyτ  and yxτ  under pure 
shear condition are 0.78 MPa, 1.58 MPa and 1.28 MPa, respectively. It also shows in Figure 6b 
that under compressive-shear stress state, the basic cell fails due to shear strain before the 
compressive strength reaches the maximum value. 
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Based on the simulated stress-strain curves, the equivalent material properties of the basic cell 
such as Young’s moduli, shear moduli and Poisson’s ratio as listed in Table 2 are derived. 
 

 

 

 (a)  (b) 

Figure 6 Stress-strain relationships of the basic cell in shear stress state. 

Table 2 Equivalent material properties for masonry unit 

Young’s Modulus / Pa Shear Modulus / Pa Poisson’s Ratio 
Exx Eyy Ezz Gxy Gyz Gzx xy yz zx 
7.49E+09  4.82E+10  6.82E+09  7.35E+09  2.33E+09  1.28E+09  0.250 0.269 0.205 
 
 
DEVELOPMENT OF FAILURE CRITERIA 
The equivalent strength envelope for ten-core brick masonry can be derived using the ultimate 
strength from the simulated stress-strain curves. Since the masonry is an orthotropic material, 
conventional strength criteria such as the Drucker-Prager or Mohr-Coulomb strength criterion, 
are not suitable for representing the strength envelope of the orthotropic basic cell. The 
observations demonstrate that there is little strength enhancement in Z direction and therefore the 
failure criteria in Z direction follows maximum normal stress criteria for both tensile and 
compressive strength. In XY plane its failure surface of the basic cell is shown in Figure 7. 
Therefore, the failure criteria are represented by  
tensile and compressive failure in Z direction 

Czz X=σ                                                                                                                                          (4) 

Tzz X=σ                                                                                                                                          (5) 
Tensile and compressive failure in XY plane 
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where XT and XC are the tensile strength and compressive strength in Z direction; YT and YC  are 
average tensile and compressive strength in X and Y directions; SC is shear strength in XY 
plane.  . Using the simulated data, it is found that XT = 0.28 MPa, XC = 15.7 MPa, YT =  1.35 
MPa, YC = 7.65 MPa. To simplify the matters, the failure criteria in XY plane is expressed in 
term of the principle stresses in XY plane, σ1 and σ2, which are derived from σX, σY and τXY in 
plane stress system.  

 

 
Figure 7 Failure curve in XY plane 

VALIDATION OF THE HOMOGENIZED MODEL  
The developed homogenized material model is used to simulate response of a 2.5m × 2.5m 
unreinforced masonry (URM) wall with a concentrically positioned 1200 mm × 1000 mm 
opening under out-of-plane static loading with and without pre-compression 0.1 MPa in vertical 
direction as shown in Figure 8. The same masonry wall is also analyzed with distinctive model in 
which brick and mortar materials in the model are discretized individually. The wall 
configurations and four side boundaries set-up in this experimental study are also illustrated in 
Figure 8. In these experimental tests, airbags were used to apply a uniformly distributed pressure 
only onto the solid portions of the wall. The load applied on the wall using the airbags was 
measured using load cells positioned between the airbag backing board and the reaction frame 
and the pressure acting on the wall surface was calculated by dividing the total load by the area of 
the wall. Linear variable differential transformers (LVDT) were used to measure displacements 
at different targets. Details about the experimental study can be found in another study (Griffith 
and Vaculik 2007). Figure 9 shows distinctive model and homogenized models of the masonry 
walls and the element numbers used for the distinctive model and the homogenized model are 
319,854 and 3,988 respectively. The material models of mortar and brick as well as homogenized 
material model for masonry including the equivalent elastic properties, failure criteria are input 
into an available computer program LS-DYNA3D in an orthotropic composite damage model for 
analysis.  
Figure 10 shows pressure-displacement relationship from tests and numerical simulation of the 
wall with and without pre-compression 0.1 MPa at the target. As shown in Figure 10a, both the 
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homogenized model and distinctive model a give good prediction of the URM wall response 
without pre-compression as compared with those obtained by experimental tests. However with 
the same computer system the time spent for the distinctive model to solve the problem is 20 
hours while only 4 minutes is taken for the simple homogenized model. Again, similar responses 
are observed from the both models in comparison with the test results with pre-compression 0.1 
MPa as shown in Figure 10b. 
 

 
  

FF

SS 

SS 

2500 

2500 

1000

750

750

650 1200 650 

axial precompression σv 

(a) Uniform out-of plane loading application (b) Boundary conditions, F = Fixed support, SS = 
Simple support 

Figure 8 Configuration of URM wall with opening 

                                    
                              (a) Distinctive model                                                   (b) Homogenized model 

 
Fig. 9 Distinctive model and homogenized model of the URM walls wall opening 

 
It should be noted that although the homogenized model gives reliable estimation of global 
response of URM wall to static loads with far less time compared with distinctive model, it may 
not yield accurate prediction of crack patterns of the URM wall as good as distinctive model 

Uniform out-of-
plane load LVDT target 
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because the weak mortar joints may significantly affect the crack patterns. Figure 11 shows 
cracking patterns from tests with pre-compression 0.1 MPa in comparison with simulation of 
distinctive model. The shading in Figure 11 (b) indicates the displacement distribution normal to 
the plane of the wall. As shown the distinctive gives accurate prediction of the crack patterns. 
However, the homogenized model can not simulate crack patterns very well. Therefore for 
simulating local damage of URM walls, distinctive model is still very useful tool although it is 
very time consuming and computational ineffective.   
 

 
                              (a) without pre-compression                                              (b) with pre-compression 0.1 MPa 

Figure 10 Comparison of results from the short wall with and without pre-compression test and      
simulation, (a) without pre-compression (b) URM wall with 0.1MPa pre-compression, 

  
                             (a) Experimental result                                                   (b) Distinctive model 

Figure 11 Cracking patterns from tests with pre-compression 0.1 MPa compared with simulation 
of distinctive model  

 
CONCLUDIONS 
 
This paper presents numerical investigation of the ten-core brick URM wall using 
homogenization technique. The equivalent material properties of the masonry unit such as the 
elastic moduli and failure characteristics have been derived by numerical simulation of a basic 
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cell under various boundary conditions. The developed homogenized model is then used to 
simulate response of URM wall with opening under static loading. It was found that the 
simulated results using the homogenized model agree well with those obtained from distinctive 
model and test results. But, far less time is spent using the homogenized model in comparison 
with distinctive model. The developed homogenized model can be used to simulated large scale 
masonry structures under various loads. It is worth noting that although the homogenized model 
has demonstrated its computational efficiency to predict global response of the URM wall, it may 
not give good simulation of local damage such crack patterns of the URM wall in comparison of 
distinctive model. 
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SUMMARY 
 
The central wing of an earthquake-damaged historical castle in Italy is redesigned in this 
study, by assigning it a new destination as a museum. Traditional techniques are used for 
rebuilding the masonry walls and the wooden floors. At the same time, a base isolation 
solution is adopted for the ground floor, where the main exhibition hall, including two marble 
statues, is accommodated. The seismic performance of the statues is comparatively assessed 
for the base isolated floor and a conventional fixed base configuration, by referring to three 
limit states postulated herein, represented by the attainment of rocking, damage and collapse 
response conditions. 
 
 
INTRODUCTION 
 
Redesign and rebuilding of historical buildings is a current issue in areas hit by severe 
earthquakes. This is also the case of the region of Friuli in north-eastern Italy, where several 
medieval castles belonging to private owners have not yet been fully repaired or rebuilt after 
the devastating 1976 earthquake. One of the most important strongholds in the region, the 
Castle of Prampero, was only recently submitted to an early rebuilding intervention of the 
northern tower. An intervention on the central portion of the castle will follow soon.  
In this study, a complete architectural and structural redesign of the main portion of the castle 
is developed, by suggesting for it a new use as a museum. Within this design, two large 
exhibition halls are planned on the ground and first floors, as compared to the original 
arrangements of the interiors. Because the hall situated at ground level is expected to exhibit 
two important statues of the new museum collection, a seismic isolation solution is 
formulated for this floor, by separating it from relevant perimeters walls, and creating a 
basement level to hold the bearing columns of the base isolation.  
The structural analyses developed for the mobile floor include a computational investigation 
of the possible rocking effects of the statues. These effects were preliminarily investigated in 
(Sorace and Terenzi 2007) by a simplified schematisation of the statues as rigidly supported 
masses, and the incorporation of gap elements at their bases.  
In this paper, a more advanced investigation is proposed, including a complete three-
dimensional modelling of the statues, and a special assembly of sliding elements at their 
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pedestals. The performance of the statues is comparatively assessed in base isolated and 
standard fixed base configurations by referring to three limit states specially postulated within 
this study, represented by the attainment of rocking, damage and collapse response 
conditions. 
The essential aspects of the architectural redesign project; the structural solutions adopted for 
the masonry walls and wooden floor to be rebuilt; the characteristics of the base isolation 
system of the ground floor and its technical and construction details; the finite element models 
of the mobile floor, the statues and the pedestal-floor contacts; and a synthesis of the non-
linear dynamic analyses carried out to assess the seismic performance of the adopted 
protection technology, are presented in the next sections. 
 
 
REDESIGN OF PRAMPERO CASTLE CENTRAL WING 
 
The current conditions of the castle are schematized in the rendering in Figure 1, which shows 
that only the farthest wing, named northern tower, was rebuilt, whereas the remaining parts 
are either totally destroyed, or reduced to a heap of ruins. Only some stumps of the ground 
floor and walls on the first floor remain for the central portion of the castle, which makes the 
object of this redesign project. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 1.  Remaining parts of the castle 
 
A global photographic view of the northern tower during the restoration works, and detailed 
views of its front, including the survived main door of the central part of the castle, and the 
stone blocks already arranged to be connected to the perimeter walls of the central zone, when 
it will be rebuilt, are shown in Figure 2. It can be observed that the original stones recovered 
from the collapsed walls will be used for reconstruction, in combination with high-strength 
hydraulic-lime mortars. More photographic images of the ruined walls of the central portion 
of the building, currently surrounded by vegetation, are displayed in Figure 3.  
The rebuilding hypothesis of the central zone is illustrated in Figure 4, where the renderings 
of the façade and the longitudinal cross section of the building, which incorporate also the 
northern tower, are drawn. As illustrated in Figure 5 and the section in Figure 4, the only 
internal change introduced in this design, with respect to the original configuration, consists 
in eliminating the median wall on the two lower stories, in order to obtain two single 
exhibition halls at these levels. This choice implies a rotation of the pre-existing plot of the 
wooden floors, which consequently reach a new maximum span slightly exceeding 8 meters. 
 

 Northern tower (rebuilt) 

 Collapsed central wing 
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Figure 2.  Views of the northern tower during the rebuilding works 

 
 
 
 
 
 
 
 
 
 

Figure 3.  Views of the ruins of the central zone 

  
 
 
 
 
 
 
 
 

 
Figure 4.  Rendering of the redesigned central wing  
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Figure 5.  Ground floor plan and removal of the original median wall  
 
A wooden-reinforced concrete composite structure is adopted for the new floors, with steel 
connectors inserted in the wooden beam extrados by “dry” screwing, as shown in the cross 
section in Figure 6. This solution ensures remarkable stiffness and strength characteristics to 
the floors, with regard to vertical as well as seismic loads. At the same time, the beam 
dimensions – equal to (28x36) cmxcm – and their respective distances (1 m), are kept within 

       New main exhibition halls

Northern  
tower 

Ground floor 
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reasonable limits. The beams are anchored at each floor to continuous reinforced concrete 
beams, with an average width equal to 2/3 of the wall thicknesses, which offer an effective 
connection to the upper reinforced concrete slab of the floor (Figure 6). 
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Figure 6.  New wooden floors  
 
 
DESIGN OF THE BASE ISOLATED GROUND FLOOR 
 
The ground floor design plan is drawn in Figure 7, where the positions of the two similar 
statues to be accommodated in the main exhibition hall, according to the new museum layout, 
are highlighted with red dots.  
 
 
 
 
 
 
 
 
 

Figure 7.  Architectural plan of the ground floor and positions of the two statues  
 
The solution adopted for the base isolation system consists in a steel floor, whose structural 
plan is represented in Figure 8, supported by four high damping rubber bearings (HDRBs) 
and eleven steel-Teflon sliders. All bearings are placed on top of short reinforced concrete 
columns built on the basement level, as illustrated in the rendering in Figure 9, which also 
shows the plot of the main steel beams, and the installation of the secondary beams and the 
upper HI-bond corrugated steel sheet before the casting of a top reinforced concrete slab.  
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Figure 8.  Structural plan of the ground floor  
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Figure 9.  Construction steps of the ground floor  

 
Two views of the basement level are reported in Figure 10, showing the main entrance and 
the bottom side of the floor, with the technical volume created at this level, to be used for the 
necessary inspection, check and maintenance activities of the isolation system.   
 
 
 
 
 
 
 
 
 

Figure 10.  Basement level and bottom side of the ground floor 
 
 
CHARACTERISTICS OF THE BASE ISOLATION DEVICES 
 
The four HDRB isolators adopted in this design have a total height H of 206 mm, top and 
bottom steel plates included, and a diameter D of 300 mm. The plates are square in shape, 
with 380 mm long sides. The remaining geometrical parameters (te = total rubber thickness; ti 
= single rubber layer thickness; ts = single steel layer thickness; nl = number of layers; S1 = 
primary shape factor = A’/L, where A’= steel layer net area; S2 = secondary shape factor = 
D/te) and mechanical parameters (Gdyn = dynamic modulus of elasticity; Ke = horizontal 
stiffness at 100% strain) are summed up in Table 1. All these quantities meet the requirements 
of the new Italian seismic Standards [OPCM-3431 2005] for base isolated buildings, except 
for S2, which is slightly below the relevant lower limit (2.5 instead of 3). However, it should 
be considered that some exceptions are normally permitted for the base isolation systems of 
single structural or non-structural members, with respect to the limitations imposed to whole 
buildings.  
A detailed transversal section of the floor in proximity to a HDRB is offered in Figure 11. The 
groove introduced in the perimeter walls is aimed at offsetting the maximum floor 
displacements evaluated by the non-linear design analyses discussed in the next sections. The 
design of the protection system was aimed at reaching a vibration period of 2.5 s in isolated 
conditions. The equivalent viscous damping of the HDRB devices is equal to 10%. 
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Table 1.  Geometrical and mechanical parameters of the HDRB devices 
 

H 206 mm 
D 300 mm 
te 120 mm 
ti 5.0 mm 
ts 2.0 mm 
nl 24 
S1 15 
S2 2.5 

Gdyn 0.4 N/mm2

Ke 95.5 N/mm
 
 
 
 
 
 
 
 

 
Figure 11.  Transversal section of the ground floor in correspondence with a HDRB 

 
The steel-Teflon bearings act as pure sliders, with very low dynamic friction damping (below 
2%, for the normal pressures acting in this case study). They are composed of a bottom steel 
plate, a 5 mm thick lubricated Teflon disk, and a top steel plate, interfacing the Teflon disk by 
means of a 2 mm thick austenitic steel plate with a mirror finish. Further information on the 
mechanical properties and the experimental characterization of this type of sliders can be 
found in (Sorace and Terenzi 2005). 
 
 
COMPUTATIONAL MODELS OF THE BASE ISOLATED FLOOR AND THE 
BORNE STATUES 
 
The computational model of the base isolated floor, generated by the commercial program 
SAP2000NL (CSI 2007), is shown in the left graph in Figure 12 where the positions of the 
four HDRB isolators are highlighted with small circles. The figure also illustrates the finite 
element model of one of the two twin statues to be placed on the floor, whose mesh overlaps 
the available digital survey of their surfaces. The pedestals are connected to the floor by four 
pairs of monolateral sliders (i.e., reacting only under compression), which are also highlighted 
in the right picture in Figure 12. These elements are introduced to simulate the rocking effects 
that may affect the response of the statues and their bases, beyond a certain input acceleration. 
This model also allows reproducing the rocking-induced horizontal displacements, in addition 
to the vertical displacements already accounted for by the simplified model formulated in 
(Sorace and Terenzi 2007), incorporating “gap” elements along the perimeter of the pedestals. 
The finite element assemblage sketched in Figure 13 was adopted to model the response of 
the HDRB devices. It consists of two “gap”, two “hook” and one “plastic Wen” non-linear 
link elements placed in parallel, which generate the typical four-branch hyper-elastic 
characteristic curve of rubber bearings. The steel-Teflon sliders were modelled by the same 
type of links introduced at the pedestal-floor interface, whose response is governed by the 

HDRB device 

HEB 180 
beam HEB 180 beam 

Upper R/C slab  

Connection 
l t
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Coulomb friction law. The calibration of the relevant friction coefficient as a function of 
normal pressure and velocity, is discussed in (Sorace and Terenzi 2005).   
 
 
 
 
 
 
 
 
 
 
 

Figure 12.  Computational models of the ground floor and one of the statues 
 
 
 
 
 
 

 
Figure 13.  Finite element model of the HDRB devices 

 
 
SEISMIC PERFORMANCE LEVELS FORMULATED FOR THE RESPONSE OF 
THE STATUES 
 
Special evaluation criteria should be adopted when assessing the seismic response of art 
objects. Three special limit states are postulated in this study for marble statues, as the ones 
considered in this design, attested by the attainment of rocking, damage, and collapse 
conditions.  
The first limit, which corresponds to a neat rocking-affected response (not merely the 
decompression of the pedestal-floor links), is characterized by a potentially unstable 
configuration of the pedestal. Furthermore, a remarkable amplification of the acceleration of 
the statue, as compared to the absence of rocking action, is observed. However, the statue still 
remains substantially undamaged (only some minor cracks are observed). A remedy against 
rocking could consist in anchoring the pedestal to the floor, but this solution can be intrusive 
and detrimental to the artistic value of the pedestal itself, and is generally unacceptable from 
an aesthetical viewpoint. The damage limit state is determined by the presence of cracks with 
depth no greater than half the width of the most critical section(s). Finally, the collapse limit 
state coincides with a total loss of strength and stability of the statue. 
 
 
NON-LINEAR DYNAMIC DESIGN ANALYSES 
 
The castle is situated in seismic zone 1, according to the current classification of the Italian 
territory, characterised by a reference peak ground acceleration (PGA) of 0.35 g for the basic 
design earthquake (BDE, having 10% probability of being exceeded over 50 years). 
Moreover, due to the postulated use as a museum, a magnifying protection coefficient equal 
to 1.2 must be adopted. Then, a value of 0.42 g is introduced as resulting input PGA in 

Structure 
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calculations for the BDE. A non-linear dynamic approach was adopted for the design analysis 
of the base isolated floor. Five artificial accelerograms generated from the response spectrum 
of the Italian seismic Standards (OPCM-3431 2005) were assumed as basic input. Five 
ground motion records derived from the main shock of the 1976 earthquake, scaled at the 
same modified PGA of the BDE, were used to check the system performance in more detail. 
As a general result of this additional enquiry, the response to the historical records was always 
lower than the one induced by the artificial signals.  
A synthesis of the analyses carried out at the BDE level is offered in Figure 14, where the 
response acceleration time-histories obtained from the most demanding of the five artificial 
accelerograms, for the ground floor and the top of one of the two statues, in base isolated and 
fixed base conditions, are plotted for the X and Y reference axes in plan.  
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

Figure 14.  Acceleration time-histories of the floor and a statue in fixed base and base isolated 
conditions, for the BDE (X and Y direction) 

Similar results are observed for the two directions, with slightly greater acceleration peaks for 
the Y axis. By referring to it, the benefits induced by the protection system are expressed by a 
fall in maximum accelerations equal to 4.16 for the floor (0.99 m/s2 instead of 4.12 m/s2), and 
6.26 for the statue (1.72 m/s2 instead of 10.76 m/s2), when passing from fixed base to base 
isolated conditions. As a consequence of these acceleration levels, the statues overcome the 
rocking and even the damage limit states, in unprotected configuration, whereas they are far 
below rocking in the presence of the isolation system, as commented with more details in the 
next section. 
 
 
PERFORMANCE ASSESSMENT OF THE BASE ISOLATION SYSTEM VIA 
INCREMENTAL DYNAMIC ANALYSIS  
 
The response of the statues was further assessed by an incremental dynamic analysis where 
the PGA of the input accelerograms was progressively increased, so as to precisely locate the 
values corresponding to the attainment of the three postulated limit states. The rocking state 
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was evaluated by examining the acceleration response of the top of the statues, whereas the 
damage and collapse states were surveyed by monitoring the stress levels in the most 
vulnerable section, represented by the neck. The results are recapitulated in Table 2 for the Y 
direction, highlighting amplification factors ranging from 3.28 (rocking) to 4.51 (collapse) on 
the corresponding PGA values, for base isolated conditions, as compared to the fixed base 
solution. Concerning the latter, the rocking and damage-related PGAs, equal to 0.25 g and 
0.371 g, are below the BDE peak acceleration, confirming the observations in the previous 
section. At the same time, in the presence of the base isolation, the PGA values causing the 
attainment of at least the lowest limit state, represented by rocking, are far beyond the 
amplitude of a maximum feasible earthquake for the seismic zone and the site of the castle.  
 

Table 2.  PGA, floor and statue acceleration values corresponding to the attainment of the 
three reference limit states 

 
  Base Isolated Fixed Base 

PGA 0.821 g 0.250 g 
Floor acceleration 0.287 g 0.250 g 

R
oc

ki
ng

 
lim

it 
st

at
e 

Statue acceleration 0.417 g 0.432 g 
PGA 1.142 g 0.371 g 
Floor acceleration 0.630 g 0.371 g 

D
am

ag
e 

lim
it 

st
at

e 

Statue acceleration 0.762 g 0.74 g 
PGA 2.676 g 0.560 g 
Floor acceleration 2.523 g 0.560 g 

C
ol

la
ps

e 
lim

it 
st

at
e 

Statue acceleration 2.643 g 2.575 g 
 
As way of example of the results of the incremental dynamic analysis, the acceleration 
response time-histories of the floor and a statue obtained from the most demanding artificial  
accelerogram, at the rocking limit state, are displayed in Figure 15, for the Y direction.  
 
 
 
 
 
 
 
 
 
 
 
Figure 15.  Acceleration time-histories of the floor and a statue in fixed base and base isolated 

conditions, at the rocking limit state (Y direction) 
 
The corresponding distributions of the normal stress components relevant to the second local 
axis of the elements of the mesh, which nearly coincide with the vertical axis of the global 
reference system, are displayed in Figure 16 for the base isolated configuration (similar 
distributions are obtained in fixed base conditions, for a PGA of 0.25 g, instead of 0.821 g, as 
reported in Table 2). The maximum tensile stress values in the neck, as well as in the 
remaining parts of the statue, are lower than the tensile strength of the constituting marble, 
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approximately equal to 1 MPa. This confirms that, for this case study, the attainment of the 
rocking limit state does not cause significant damages in the statues, which are deferred to 
around 50% greater acceleration levels (0.371 g, instead of 0.25 g – fixed base; 1.142 g, 
instead of 0.821 g – base isolated).   
 

    
 
Figure 16.  Normal stress distributions relevant to the second local axis of the elements of the 

mesh, corresponding to the rocking limit state, in base isolated conditions 
 
 
CONCLUDING REMARKS 
 
The redesign hypothesis of the Prampero castle presented herein was aimed at showing the 
possibility of combining traditional updated rebuilding techniques, for masonry walls and 
wooden floors, and advanced seismic protection strategies, for the ground floor of the main 
exhibition spaces of the building. In particular, a novel solution was proposed for this floor, 
since base isolation of single statues and artistic objects, rather than of an entire bearing floor, 
have been generally proposed for museum buildings. The simple and low-cost base isolation 
system adopted in this design allows reaching totally safe response conditions for the borne 
statues, also under the action of a maximum feasible earthquake for the seismic zone and the 
site of the castle. These results prompt the use of this solution for wider applications in the 
field of seismic protection of art exhibits in museum halls situated on the ground floor.   
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SUMMARY 
 
In the framework of a research project funded by the European Commission, innovative construction 
systems for load and non-load-bearing reinforced masonry walls are being developed. In particular, a 
new reinforced masonry system made with perforated clay units, purposely developed for low-rise 
residential buildings to withstand in-plane actions, based on the use of horizontally perforated clay 
units and concentrated vertical reinforcement, is under study for the application in areas characterized 
by low to high seismic hazard. This contribution presents the description of this construction system 
and the first experimental results obtained. 
 
 
INTRODUCTION 
 
Reinforced and confined masonry have been developed in order to exploit the strength potential of 
masonry and solve its lack of tensile strength, improving significantly not only the resistance, but also 
the ductility and the energy dissipation capacity, that is the seismic behaviour, of the masonry walls 
(Tomaževič 1999, Tassios 1988). In the last decades, a large variety of reinforced and confined 
masonry techniques have been developed. The different masonry systems depend on many parameters: 
geometric shape and material of the units, composition of the mortar and/or grout, quantity and layout 
of the reinforcement (Tomaževič 1999).  
 
In the framework of the DISWall research project, funded by the European Commission, four 
innovative construction systems for load and non-load-bearing reinforced masonry walls are being 
developed. Two systems are based on the use of large hollow clay unit for concrete infill and on the use 
of concrete units with mortar bedding and filling, the other two are based on the use of perforated clay 
units, assembled with mortar. A complete description of the construction systems and their objects of 
investigation can be found in (Mosele et al., 2006).  
 
Reinforced masonry made with horizontally perforated clay units 
 
One of the two latter reinforced masonry systems is based on the use of concentrated reinforcement, 
almost similar to a confined masonry system. Special clay units are placed in the masonry panel with 
horizontal holes and they present recesses for the placement of the horizontal reinforcement (see Figure 
1). The units width is 300 mm and they are developed in order to be laid also with vertical holes in the 

Click here to searchClick here for table of contents



masonry columns and simplify the site procedures in future. Currently, ordinary commercial units are 
used for the confinement columns. For the vertical reinforcement steel rebars are used, whereas for the 
horizontal reinforcement, both steel rebars and prefabricated steel trusses can be adopted. The mortar 
has been expressly developed for this reinforced masonry system, in particular for what concern the 
properties of consistence, plasticity, and workability, to allow for a proper bed joint and recess filling 
and at the same time, also for a proper filling of the reinforced vertical cavities.  
 
The main advantages of the system are that all the problems related to cover of bars and mortar 
shrinkage are overcome, due to the fact that there is a special recess to place the reinforcement, and it is 
possible to have the un-coupling of the reinforcement. Furthermore, this system preserves a 
construction technique (masonry made with horizontal holes) which is very traditional for the countries 
facing the Mediterranean basin, as it allows reaching very good thermal and acoustic insulation.  

 
Figure 1. Construction systems based on the use of horizontally perforated clay units. 

 
Experimental program 
 
For this kind of reinforced masonry wall system, the main objective of the testing program was to 
assess the behaviour under in-plane cyclic actions. The tests were repeated on two series of specimens, 
with different horizontal reinforcement. One series was built with usual steel rebars (specimens named 
SR), the other with prefabricated truss reinforcement (specimens named TR). In all of the specimens, 
the horizontal reinforcement was distributed on the specimens each other course.  
 
Specimens of the entire reinforced masonry system (RM system) and the single components of the 
system itself (i.e., the confining columns, named “C”, and the masonry panels without the confining 
columns, named “H”) were tested under uniaxial compression. In order to understand the influence of 
the column slenderness on the test results (deformability of the inner mortar core and buckling effects 
of the vertical reinforcement), the confining columns were built and tested with 3 rows of units 
(specimens named “C3”) and with 5 rows (specimens named “C5”). 
 
Following, specimens built with the entire RM system and masonry panels without the confining 
columns (“H”) were tested under in-plane cyclic shear compression tests. One test was carried out on a 
specimen (“HSa”) with no vertical or horizontal reinforcement, in order to check the behaviour of the 
plain masonry. The shear compression tests on the entire reinforced masonry system were carried out 
on specimens characterized by two slenderness ratios, in order to force the shear behaviour 
(slenderness ratio “a” equal to 1.09) and the flexural behaviour (slenderness ratio “b” equal to 1.64). 
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For these specimens, the vertical reinforcement was constituted by two rebars with diameter equal to 
Φ16 mm at each masonry edge (squat specimen “a”) and by one rebar with diameter equal to Φ16 mm 
at each masonry edge (slender specimens “b”). The main tests carried out on small and large masonry 
specimens are summarized in Table 1.  

Table 1. Test matrix 
 

Type of Test 
Type of Specimen 

Reference 
standard 

Horizontal 
Reinf. 

Dimensions 
(mm) 

n° of 
tests Name 

Uniaxial Compression Test 
Confining Column 

ASTM E 
477-97 - 380x300x670 

380x300x1070 
4 
4 

C3 
C5 

Single Rebar 1030x300x1080 3 SRHC Uniaxial Compression Test 
Wallettes – no confining columns EN 1052-1 

Murfor 1030x300x1080 3 TRHC 
Single Rebar 1550x300x1690 1 SRCa Uniaxial Compression Test 

Wallettes – entire RM system EN 1052-1 
Murfor 1550x300x1690 1 TRCa 
- 1550x300x1690 2 HSa 
Single Rebar 1550x300x1690 2 SRHSa Cyclic Shear Compression Test 

Wallettes – no confining columns 
RILEM TC 
76-LUM C3 

Murfor 1550x300x1690 2 TRHSa 
Single Rebar 1550x300x1690 2 SRSa Cyclic Shear Compression Test 

Wallettes – entire RM system 
RILEM TC 
76-LUM C3 Murfor 1550x300x1690 2 TRSa 

Single Rebar 1030x300x1690 2 SRSb Cyclic Shear Compression Test 
Wallettes – entire RM system 

RILEM TC 
76-LUM C3 Murfor 1030x300x1690 2 TRSb 

 
 
BASIC MATERIAL CHARACTERIZATION 
 
Before the specimens construction, the unit geometry and mechanical properties and the mortar 
composition and physical properties were developed. In particular, during the mortar development, a 
large variety of physical and chemical tests were carried out, in order to check the workability, the 
bleeding properties, the bulk density, the air content, the workable life, the mechanical properties. The 
mechanical tests included 54 tests on mortars and 52 on the units. 
 
Development of units and mortar 
 
The horizontally perforated units were developed in order to optimize the behaviour under in-plane 
actions of the RM system, following the concept of “robustness” that is mentioned in the Eurocode 8 
(EN 1998-1-1, 2004) and is recalled also by (Tomaževič et al. 2006). The developed unit is 
characterized by thick webs and shells (about 12mm) with rectilinear and continuous webs and high 
curvature radius in the webs connections ( 
Figure 2a). The percentage of holes is less than 45%. The mean nominal dimensions are 250x300x200 
mm (length x width x height). Two compositions of raw materials were proposed for the production. 
The first contained a percentage of tuff equal to 15% and was affected by shrinkage during the drying 
process; the second a percentage of tuff equal to 20%, which improved the plastic behaviour of the unit 
but reduced its compressive strength (see Table 2). 
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The main objective for the development of the mortar was to use a single mortar, adequate for both the 
placement of horizontally perforated units and for the filling out of the cavities for vertical 
reinforcement. The mortar requirements, needed for the development of the construction system, were: 
compressive strength higher than 10 N/mm2 (as suggested by the Eurocode 8), high workability and 
plasticity, high adhesion to the clay units and to the steel reinforcement. Starting from a general 
purpose M10 mortar, with hydraulic binder and aggregates with maximum thickness of 4 mm, two 
different modified mortars were made, by including a plasticizer additive or a powdered dispersion to 
increase the adhesion characteristics. Since the loss of mechanical strength of the modified mortars was 
high, a further modification regarded the additives and the binder and inert dosage (see Table 3).  
 
Experimental testing of unit, mortar and reinforcement 
 
The main mechanical properties of the horizontally perforated units are reported in Table 2, together 
with the main properties of the units with vertical holes adopted to create the confining columns of the 
RM system. Table 2 gives: average and normalized compressive strength of the units loaded 
orthogonally to the bed face (fb,m and fb) and parallel to the bed face in the plane of the wall (fbh,m and 
fbh); elastic modulus and Poisson’s ratio of the units loaded orthogonally to the bed face (Eb and νb) and 
parallel to the bed face in the plane of the wall (Ebh and νbh). 
 
Table 3 summarizes the main physical and mechanical properties for the employed mortar, respectively 
bulk density, bleeding, air content, plunger penetration, and flexural strength fmt, compressive strength 
fm (see  
Figure 2b), elastic modulus Em and Poisson’s ratio νm. The mechanical properties were measured at 28 
days and 60 days of curing. Table 3 gives an average of the two test series, as the samples were 
obtained from different batches and thus the differences in the test results were due to the mortar 
variability more than the curing period. 
 
The vertical reinforcement was constituted by usual ribbed rebars, with diameter Φ16mm, made of 
FeB44k hot-drawn steel. The horizontal reinforcement was constituted by single rebars with diameter 
Φ6, made of FeB44k hot-rolled steel, or by a prefabricated truss reinforcement, composed by zinc 
coated steel wires with diameter Φ5 mm (Murfor RND/Z-5-150, see  
Figure 2c). Table 4 summarizes the main mechanical properties of the adopted reinforcement: yielding 
stress fy, tensile strength fu and elastic modulus E.  
 

Table 2. Mechanical properties of units 
 

fb,m fb Eb nb fbh,m fbh Ebh nbh Units 
N/mm2 N/mm2 N/mm2  N/mm2 N/mm2 N/mm2  

Hor. holes, 15% tuff 9.45 10.40 7175 - 17.87 20.55 8638 - 
Hor. holes, 20% tuff 9.26 10.18 7896 -0.18 13.24 15.23 12789 -0.15 
Vertical holes 21.61 24.10 13627 - - - - - 

 
Table 3. Mortar T300 M10 DISWall properties 

 
Bulk 

density Bleeding Air 
content Plunger fm,t fm Em nm Mortar curing 

period Kg/m3 mm % mm N/mm2 N/mm2 N/mm2  
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Fresh 2040 162÷161 8,2 26 // // // // 
Cured 2081 // // // 4.27 14.07 12553 -0.17 

 
Table 4. Mechanical properties of reinforcement 

 
Horizontal Reinf. Vertical Reinf. Property 
Φ6 Murfor Φ16 

fy     (N/mm2) 515 378 463 
fu  (N/mm2) 614 678 620 
E       (N/mm2) 204460 202060 193760 

 
Figure 2. (a) Horizontally perforated unit during the uniaxial compression test under load orthogonal to 

the bed face; (b) mortar sample after compression test; (c) Murfor RND/Z-5-150 
 

 
(a) (b) 

(c) 

 
 
UNIAXIAL COMPRESSION TESTS 
 
The uniaxial compression tests were carried out by means of an Amsler machine whose maximum load 
is 10000 kN. Two layers of Teflon were placed between each end of the specimens and the loading 
plates, in order to minimize friction at the ends and create a uniaxial stress state. The tests were carried 
out under monotonic loading, with a load increment rate of about 0.5 kN/s (EN 1052-1, 1998). A 
preload equal to 5kN, 10kN and 15kN, equal to 1% of the foreseen maximum load, was respectively 
applied to the columns, the wallettes without vertical reinforcement and the specimens of the entire RM 
system. After reaching the maximum load, the load was maintained until the 80% of the peak value, 
when possible, in order to check the load decrease caused by the propagation of damage. 
 
The specimens were instrumented with potentiometric displacement transducer (±50 mm), LVDTs 
(±10 mm) and strain transducers (±2.5 mm) in order to measure the horizontal, vertical and transversal 
deformation of the specimens. The instruments placed on the specimens of the entire RM system 
partially reproduced the instruments scheme adopted for the specimens without vertical columns HC 
and the five unit courses columns C5, in order to study the behaviour of the components, and were 
partially placed across the entire specimen, in order to catch the global behaviour of the RM system. 
 
Table 5 presents the results in terms of maximum compressive stress σmax (maximum applied load 
divided by the horizontal cross sectional area), compressive stress at which the out-of-plane buckling of 
the specimens started (σinv) and their ratio. The elastic modulus, E, determined between 10-40% and 
30-60% of the ultimate load and Poisson’s ratio, ν, evaluated on the first linear branch of the curve 
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between the 10-40% of the ultimate load, vertical and horizontal strain (εvσinv, εhσinv) and their ratio at 
the load at which the out-of-plane buckling of the specimens started, are also shown in Table 5. The 
results are presented as mean values of the tested specimens except for the specimens of the entire RM 
system, for which just one test has been carried out for each type of horizontal reinforcement (Table 1). 
The 3 rows confining columns showed a behaviour governed by vertically oriented cracks formed in 
correspondence of the vertical mortar joints, distributed all around the specimens. After the attainment 
of the maximum load, some out-of-plane deformations of the units occurred. The effect of the 
transversal deformation of the inner mortar core appeared to be more evident on the 5 rows columns, 
on which the vertical cracks were concentrated in correspondence of the vertical joint. The 
experimental evidence was confirmed also by the stress-strain diagrams, which showed a decrease of 
the elastic modulus and an increase of the Poisson ratio. 
 
The failure mode of the wallettes made with horizontally perforated units corresponded, to a certain 
extent, to the typical behaviour of masonry made with vertically perforated units. The first crack 
appeared at 60% of the ultimate load. The cracks were vertically oriented following the discontinuity of 
the head joints. These cracks corresponded to the loss of linearity in the stress-strain diagram (Figure 
4a). Only after the propagation of the vertical cracks, the spalling of the units with horizontal holes 
started. At a load level equal to 95% of the ultimate load, the specimens showed an out of plane 
deformation, due to the unit spalling and to the development of other cracks on the transversal sections. 
The trend of the displacement measured by the vertical transducers inverted, measuring lengthening 
(negative values) instead of shortening (positive values). The two adopted horizontal reinforcement did 
not influence significantly the behaviour of the specimens in terms of strength and elastic deformation 
(see Table 5 and Figure 4a). However, the presence of the truss reinforcement allowed a more uniform 
stress distribution on the wallettes, avoiding local failures and guaranteeing a higher stability in the 
cracked and post peak phases (Figure 3 (a)). 
 

Table 5. Uniaxial compression tests results 
 

smax sinv sinv/ 
smax E10-40% E30-60% nsmax evsinv ehsinv ehsinv/

evsinv Specimen 
N/mm2 N/mm2 % N/mm2 N/mm2 ‰ ‰ ‰ ‰ 

C3 5.44 - - 8110 7528 -0.18 - - - 
C5 5.73 - - 7473 6504 -0.22 - - - 
SRHC 2.94 2.83 96 4225 3375 -0.18 0.96 -0.81 -0.84 
TRHC 2.48 2.32 94 4427 3522 -0.21 0.79 -0.67 -0.85 
SRCa 4.11 3.72 90 6492 6040 -0.10 0.69 -0.15 -0.22 
TRCa 3.69 3.25 88 5231 5635 -0.12 0.61 -0.28 -0.46 

 
For the specimens of the entire RM system the first cracks appeared between 30%-60% of the ultimate 
load, at the interface between the confining columns and the masonry panel made with horizontally 
perforated units. The behaviour of the masonry walls was still linear after the opening of these cracks 
(Figure 4b), but varied for the specimens SRCa and TRCa. The first presented new vertical cracks 
following the interface, until a load level equal to about 90% of the ultimate load. At that point, vertical 
and horizontal cracks opened on the two upper rows of horizontally perforated units, with intense 
spalling. On the contrary, the specimen TRCa presented a distribution of vertical cracks on the entire 
masonry wall, both on the façades and on the transversal sections. The spalling of the units, which 
occurred on the three upper rows of the specimen, and the out of plane deformation of the specimens, 
still started at about 90% of the ultimate load (Figure 3 (b)).  
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The difference in the mechanical properties between SRCa and TRCa, reported by Table 5, has to be 
evaluated taking into account that just one specimen for masonry type was tested. It can be said that the 
presence of the vertical columns induced a modification on the behaviour of the masonry made with 
horizontally perforated units. It also caused an increase of the compressive strength of about 44%, an 
increase of the elastic modulus of about 35%, and a decrease of the Poisson ratio of about 44%. 
 
Figure 3. Deformation in transverse direction of the murfor truss reinforcement: (a) TRHC2 side L (b) 

TRC side A 
 

 
(a) (b) 

 
Figure 4. Stress-Strain diagrams: (a) comparison SRHC3-TRHC2 (b) comparison SRCa-TRCa 
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IN-PLANE CYCLIC SHEAR-COMPRESSION TESTS 
 
The specimens were tested with cantilever type boundary condition, with fixed base and top end free to 
rotate, by applying a centred and constant vertical load equal to 11% and 16% of the measured 
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maximum compressive strength of the RM system walls, and corresponding to 15% and 22% of the 
measured maximum compressive strength of the wallettes without confining columns. The 
corresponding compressive stress levels (0.4 N/mm2 for the lower pre-compression rate, 0.6 N/mm2 for 
the higher one) are adequate to represent the typical vertical loads for two up to four-storey height 
buildings. Each series reported in Table 6 is constituted by two specimens, one for each pre-
compression level. 
 
The specimens were instrumented with 24 potentiometers to measure the deformation of the masonry 
specimens and to verify the displacements between the wall and the top and the bottom bond beam and 
4 strain gages to measure strains in the reinforcement at characteristic sections of the wall. Horizontal 
cyclic displacements, with increasing amplitude and with peaks repeated three times for each 
displacement amplitude, were applied at a frequency of 0.004 Hz. The displacement history was 
determined by fixing a reference critical displacement dcr=3 mm (interstorey drift equal to 0.17%) and 
considering that the first non linearity is expected for displacements equal to 1÷1.5mm (interstorey drift 
between 0.05%-0.08%). 
 

Table 6. Test series and type of reinforcement for shear compression walls 
 

Series Dimensions 
(mm) 

Vertical 
Reinf. 

Vertical 
Renf. ratio 

Horizontal 
Reinf. 

Horizontal 
Renf. ratio 

SRHSa 1550x300x1690 - - 2Φ6/400mm 0.045% 
TRHSa 1550x300x1690 - - 1murfor/400mm 0.040% 
SRSa 1550x300x1690 4Φ16 4x0.043% 2Φ6/400mm 0.045% 
TRSa 1550x300x1690 4Φ16 4x0.043% 1murfor/400mm 0.040% 
SRSb 1030x300x1690 2Φ16 2x0.065% 2Φ6/400mm 0.045% 
TRSb 1030x300x1690 2Φ16 2x0.065% 1murfor/400mm 0.040% 

 
During the in-plane cyclic tests the attainment of four main limit states, which can be used to idealize 
the masonry wall behaviour, can be observed. These states are related to the occurrence of the flexural 
cracking on the horizontal joints (flexural cracking limit, Hf, δf), to the appearance of the first 
significant diagonally oriented shear crack (crack limit, Hcr, δcr), to the attainment of the maximum 
resistance Hmax at a corresponding displacement level δHmax, and, finally, to the attainment of the 
maximum displacement δmax, to which a consequent value of residual lateral resistance Hdmax 
corresponds. This idealization is developed on purpose for plain masonry (Abrams, 2001), and with 
some adaptations could be applied to the tested specimens. All the specimens presented the first non-
linearity related to the opening of flexural cracks at the base of the wall for a displacement of about 
1÷2mm, independently by the applied pre-load and by typology of the specimens. The evaluation of the 
shear cracking limit was evident for the specimens designed to fail in shear (SRSa and TRSa), whereas 
for the specimens designed to fail in flexure (SRSb and TRSb), this limit state was identified with the 
appearance of the second non-linearity in the envelope of the hysteresis loops. 
 
For the first type of specimens, having a slenderness equal to 1.09, the first diagonal oriented shear 
crack was visible at a displacement amplitude of 5÷6.25 mm and 2.5÷4.5 mm respectively, according 
to the level of applied pre-stress (0.4 N/mm2 or 0.6 N/mm2). This crack was mainly characterized by a 
stepped pattern. The attainment of the maximum lateral load, for the specimens loaded with 0.6 
N/mm2, was characterized by a well defined diagonal compression strut, with cracks passing through 
the joints and the units and falling out of the unit shells. It was also possible to notice the buckling of 
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the vertical rebars. The collapse was reached at the imposed displacement amplitude immediately 
following the δHmax (Figure 5b). In the case of the specimens loaded with 0.4 N/mm2, it was still 
possible to observe the crack pattern following the diagonal compressed struts; however, the 
deterioration of the compressive toe due to the buckling of the vertical rebars was worsened. In this 
case, the collapse was reached four displacement cycles after the δHmax. These specimens thus showed 
less marked shear behaviour and higher ductility. The specimens with slenderness equal to 1.64 were 
characterized by a crack pattern with damage concentrated at the bottom of the wall and on the 
compressed toes. The maximum load was attained at displacement of about 25÷35 mm and 20 mm 
respectively, according to the level of applied pre-stress (0.4 N/mm2 or 0.6 N/mm2). The specimens 
TRSb, with the horizontal prefabricated reinforcement, were characterized by higher maximum 
displacement (Table 7 and Figure 5c). The failure occurred with crushing of the toe at the higher pre-
compression level, whereas it occurred with yielding, and subsequent failure, of the vertical reinforcing 
bars, at the lower pre-compression level. The specimens of the HS series (without the vertical 
reinforcement) developed a rocking type of mechanism, as commonly observed for unreinforced 
masonry, with damage concentrated at the bottom of the specimen (Figure 5a). Table 7 summarizes the 
values of lateral load and correspondent displacement at the previous characteristic limit states. 
 
 

Figure 5. Cyclic shear compression specimens under test: (a) SRHS2 (b) TRSa1 (c) SRSb1 
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Table 7. Test results: lateral load and lateral displacement at four limit state of hysteretic envelopes 

Hf df Hcr dcr Hmax dHmax Hdmax dmax Specimen 
kN mm kN mm kN mm kN mm 

Failure 
Mode 

σ0= 0,6 N/mm² 
TRHS1 60 1.51 94 4.01 104 13.75 40 17.97 Flex 
SRHS1 50 1.00 91 4.52 113 23.74 72 34.99 Flex 
TRSa1 104 1.51 170 5.13 207 12.51 145 15.00 Shear 
SRSa2 88 1.26 160 5.13 217 12.50 182 17.50 Shear 
TRSb2 40 1.51 86 11.25 93 21.25 72 49.99 Flex 
SRSb2 41 1.26 80 8.76 89 20.00 70 30.00 Flex 

σ0= 0,4 N/mm² 
TRHS2 47 1.25 73 5.63 78 25.00 46 69.98 Flex 
SRHS2 45 0.99 72 4.75 81 37.47 24 64.96 Flex 
TRSa2 82 1.12 117 2.71 199 11.67 105 24.67 Shear/Flex
SRSa1 81 1.49 120 3.50 200 17.49 139 24.98 Shear/Flex
TRSb1 32 1.66 74 12.04 77 36.99 29 79.85 Flex 
SRSb1 30 1.31 67 8.82 78 24.24 32 64.68 Flex 

 
 
CONCLUSIONS 
 
The experimental research investigated the in-plane behaviour of a newly developed reinforced 
masonry system, based on the use of horizontally perforated clay units. The RM system mainly 
presented a brittle behaviour in the case of shear failure, whereas the reinforcement provided a more 
stable and ductile behaviour in flexure, characterized by a good energy dissipation capacity. The 
influence of different types of horizontal reinforcement was also investigated. The truss reinforcement, 
compared to usual rebars, was able to provide an increased stability and a more diffused crack pattern 
in compression. Under in-plane cyclic shear compression tests, the truss reinforcement was able to 
increase the displacement capacity of the specimens designed to fail in flexure. The test results are still 
being analyzed, and are being used as reference data for modelling the  hysteretic behaviour of the 
envisaged reinforced masonry system.  
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SUMMARY 
 
An experimental study of the structural interaction of running bond interconnected walls 
subjected to vertical loading is presented, showing the influence of a top slab on the load 
capacity of H-panels. 
 
 
INTRODUCTION 
 
In order for the development of a structural design of a building to be successful, it has to 
provide a good representation of the stress paths throughout the whole structure. However, the 
distribution of vertical loads between interconnected walls of a masonry building is not yet 
well understood. A key point is the interaction of interconnected walls. The degree of 
interaction depends on the geometric properties of the walls, the existence of a top slab and 
the way the walls are bonded, as well as the occurrence of bond beams. The composite 
behaviour depends on the capacity of the common interface to transfer the interaction forces. 
 
There are few research projects dealing with experiments to evaluate shear strength at vertical 
wall interfaces. Simundic (1997) tested a series of diaphragm H-shaped walls with various 
types of connectors. Lissel et al. (2000) evaluated the influence of the type of ties used in 
interconnected block-work diaphragm walls. Furthermore, Bosiljkov et al. (2004) developed 
an analytical study based on Simundic’s experiments using a complex Finite Element model 
to simulate the specimens’ behaviour. After studying the interaction of clay block-work H-
shaped walls subjected to vertical loading, Capuzzo (2000) developed a research project at the 
University of São Paulo to further analyse this subject. This study includes a proposed test to 
assess the shear strength of vertical interfaces of interconnected masonry walls. More details 
can be found in Capuzzo et al.(2007) and Capuzzo (2005). 
 
This paper describes an experimental program to shed light on the structural interaction of 
running bond interconnected walls subjected to vertical loading. The experimental work was 
carried out with third-scale symmetrical H-panels, with a top course bond beam, considering 
different sets of dimensions and the existence of a reinforced concrete slab on the top in order 
to evaluate their influence on the load capacity of the walls. 
 
 
PROPERTIES OF THE MATERIALS 
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Blocks 
 
All the tests were carried out using third scale models to make the test apparatus and 
procedures easier, cheaper and viable. The validity of this and the scale factors for the natural 
scale were previously cited by Capuzzo (2005). 
 
The third-scale clay block dimensions are shown in Table 1. Table 2 presents the average 
results for compressive and tensile strengths and the Young modulus of the blocks. All of 
them are referred to as the net area.  
 

Table 1. Geometrical dimensions of third-scale blocks 
 

Type of block Thickness 
(mm) 

Length 
(mm) 

Height
(mm) 

Block 47 97 63 
Half Block 47 47 63 

 U-block 47 97 63 
 

Table 2. Mechanical properties of third-scale blocks 
 

Compressive 
strength (MPa) 

Indirect tensile 
strength (MPa) 

Young modulus 
 (GPa) 

59.83 5.91 22.0 
 
 
Mortar, grout and concrete 
 
The adopted mortar mix proportion was 1:0.5:4.5 (cement, lime and sand), by volume, and a 
water/cement ratio of 1.21. Very fine sand was used to keep the maximum grain dimension 
beyond the limit of one third of the bed and the thickness of the head joints, which was 3mm. 
Three cylindrical mortar specimens (50mm x 100mm) were built to measure the compressive 
strength and the Young modulus, whose average values were 6.8 MPa and 10.0 GPa, 
respectively. 
 
The mass proportion of the grout used to fill the top course U-blocks was 1:0.76:1.26 
(cement: sand: gravel) with a water/cement ratio of 0.37 and an addition of 0.7% of a super 
plasticizer. Three cylindrical mortar specimens (50mm x 100mm) were cast to evaluate the 
compressive strength and the Young modulus, whose average values were 49.7 MPa and 27.9 
GPa, correspondingly. Strong grout was chosen to match the compressive strength of the clay 
blocks (see Table 2). 
 
The concrete for the base and top slab was cast with a mass proportion of 1:1.99:2.06 
(cement: sand: gravel) and a water/cement ratio of 0.65. The average results for the 
compressive strength and the Young modulus of three cylindrical specimens (50mm x 
100mm) were 29.7 MPa and 25.4 GPa, in that order. 
 
 
Reinforcement of the Bond Beam and the Slabs 
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One steel bar of 4.2mm diameter and a 600 N/mm2 yield limit was inserted into each bond 
beam.  
 
The top slab was built with a thickness of 35 mm, and reinforced with a mesh of 98 mm2/m 
on both faces. It was bedded on the top course using the same mortar, which was already 
described. A base slab was also provided to transport the panels. Its height was 50mm and the 
double face reinforcing mesh was high, 240 mm2/m, to avoid its failure during the tests and 
transportation procedures.    
 
 
DESCRIPTION OF THE TESTED MASONRY PANELS 
 
Geometry of the Panels 
 
The choice of the panel dimensions was based on Corrêa and Page (2001), who studied the 
homogenization of the vertical compressive stresses. The referred authors proposed that Saint 
Venant’s Principle governs the homogenisation process for concentric loading and that the 
vertical distance needed to reach homogenisation must be larger than the diameter of the 
circle that circumscribes the intersecting walls in plan view. 
 
All the panels consisted of three bonded walls, built with an H symmetrical shape to reduce 
eccentricities and with a height of 792mm. Two different situations were considered, keeping 
the same proportion between the flange and the web lengths (83%). In the first one (see 
Figure1a), the diameter of the circle that circumscribes the panel in plain view was 460mm, 
smaller than the panel’s height (50%), which allows for the stress homogenization to occur. In 
the second situation (see Figure1b), the aforementioned diameter was 1220mm, larger than 
the distance between the base and top slab (154%), which is not enough to reach the total 
stress homogenization.  
 

244 mm

792 mm

390 mm
980 mm736 mm

792 mm

D=460 mm

D= 1220 mm

296 mm
886 mm

 
Figure 1. Geometry of the panels 

 
Influence of the Top Slab 
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In order to represent a panel that is part of a building structure, the study considered the 
influence of a top slab, which partially constrains the flange bending that happens when the 
web wall is vertically loaded. For each set of dimensions, two different panels were tested, 
one with and the other without a top slab, totalizing four panels. All panels had a top bond 
beam and were vertically loaded only on the web wall to study the liable transference of force 
from the web to the flanges. The whole base of the panels (web and flanges) was supported by 
the base slab. Figure 2 illustrates the 4 panels, showing the symbols adopted to identify them. 

Loads Loads
Loads

Loads

 
Figure 2. The four tested panels 

 
 
TESTING PROCEDURES  
 
All the tests were carried out in a servo controlled hydraulic jack with an initial speed of 
0.01mm/s, reduced to 0.001mm/s near the failure load. Vertical loads were applied to the web 
top. The web and flange bases were supported. A few initial cycles of small vertical loads 
were applied in order to bed in the specimens and check the instrumentation. To confirm the 
force transference, a set of gauges were placed on the flanges and web at two different levels 
(near the top and near the base) to register strains. SYSTEM 5000 was used to automatically 
read and record data. Figures 3 and 4 show the test apparatus for panels type H1 and H2, 
respectively. 
 
 
EXPERIMENTAL RESULTS 
 
Table 3 shows the results related to the four panels: the failure load, the corresponding 
compressive stresses referred to two alternative areas and the compressive strength of wallets. 
These wallets were built by the same expert bricklayer and with the same materials of the 
panels, with a length of 4 blocks and a height of 5 courses. On one hand, consider the 
compressive stresses at failure for panels H1-1 and H2-1. Note that both do not have a top 
slab. When the stresses were assessed considering only the cross sectional area of the web 
wall, the obtained values were nearly the same (8.90 and 8.80 MPa), and only 18% larger than 
the masonry compressive strength, evaluated by the test of wallets (7.49 MPa). On the other 
hand, taking into account the whole base cross sectional area (web plus flanges) the 
compressive stresses dropped to 3.33 MPa, much smaller than the wallets strength. Therefore 
it is apparent that the contribution of the flanges to the load capacity of the panel was 
relatively low in this case.  

H1-1 H1-1a H2-1 H2-1a 

Click here to searchClick here for table of contents



 

Front-view Side-view

200 mm200 mm

200 mm
200 mm

530 mm530 mm 530 mm

 

 
General view 

 
Web wall 

 
Flange wall 

 
Figure 3. Test apparatus for panels H1 
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Front-view Side-view  

   
 

Figure 4. Test apparatus for panels H2 
 

Panels H1-1a and H2-1a, which have a top slab, show different behaviours. In this case, the 
compressive stresses at failure which referred to the cross sectional area of only the web wall 
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Table 3. Experimental results for panels H1-1, H1-1a, H2-1 and H2-1a 

 

Panel Failure load (kN) 
Failure 

compressive 
stress 1) (MPa) 

Failure 
compressive 

stress 2) (MPa) 

Compressive 
strength of 

wallets3) (MPa) 
H1-1 121.32 8.90 3.33 7.49 
H1-1a 166.18 12.19 4.56 7.49 
H2-1 367.15 8.88 3.33 7.49 
H2-1a 467.05 11.29 4.23 7.49 

1) Referred to web wall area in plan view; 
2) Referred to the whole base area in plan view (web plus flanges); 
3) Wallets of a length of  4 blocks and a height of 5 courses;  
Obs: All the results related to the gross area. 

 
were at least 50% larger than the wallet strength (7.49 MPa). Note that the stresses which 
referred to the whole area (web plus flanges) showed a difference of 40% to the wallet 
strength. It is apparent that the flanges contributed considerably to the load capacity of the H 
panel, which was related to the existence of the top slab. This changed the way failure 
occurred, as later discussed in this section. It is worth mentioning that the contribution of the 
flanges could be clearly observed, even applying the load only to the top of the web wall.  
 
The results of the strains were averaged taking into account groups of instruments to ease the 
analysis of the panel behaviour. Each group was defined depending on the position of the 
instrument. The instruments on the web defined two groups: the higher web and lower web. 
The instruments positioned on the internal face of the flanges were grouped in: higher flange 
and lower flange. As there was only one configuration on the external flanges, the instruments 
were grouped only as an external flange. Figure 5 shows the force-strain curves for all the 
panels. Note that the obtained results for the horizontal instruments were omitted because all 
of them were smaller than 0.5 mm and used only with the aim of providing subsidiary control. 
 
Figures 5a and 5b show that the global behaviours of panels H1-1 and H1-1a were similar to a 
vertical load of nearly 100 kN. As well as this value, there was a force relief in the flanges, up 
to the peak value of 122 kN (Figure 5.a). However, in panel H1-1a, which has a top slab, there 
was instability near 120 kN. The panel showed an extra load capacity, after that value, 
reaching the peak load of 166 kN (Figure 5.b). During the last step, the strains in the higher 
flange group enlarged, while the strains in the external and lower flange group stayed nearly 
constant. It is apparent that the stress homogenization happened near the base of both panels 
H1-1 and H1-1a, since the strains in the lower flange and lower web were similar. 
 
The behaviour of panels H2-1 and H2-1a can be observed in Figures 5c and 5d. The 
differences of the strains at the higher and lower levels were larger in panel H2-1 compared to 
panel H2-1a, which had the top slab. Regarding the flanges, there was a large bending effect 
in panel H2-1 because of the lack of the top slab. That effect was observed even at the 
beginning of the test, as can be seen by the positive strains in the external flange group (see 
Figure 5c). In the other panel, the constraint of the top slab kept the external flange strains 
negative, i.e., associated to compressive stresses, up to the intensification of the vertical 
interface cracking. Afterward the flexure became dominant in the flanges and the external 
strains changed signals, showing evidence that there was tension on the external face. For 
these panels the homogenization process is low, with large differences between the strains in 
the flanges and web at inferior levels, as expected by means of the Saint Venant’s Principle.  
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Behaviour of panel H1-1 
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Behaviour of panel H1-1a
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(a) Panel H1-1 (b)  Panel H1-1a 
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(c) Panel H2-1 
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(d) Panel H2-1a 

 
Figure 5. Force-strain graphs for panels H1-1, H1-1a, H2-1 and H2-1a 

 
The existence of the top slab caused changes in the behaviour of the panels H1, as can be seen 
in Figure 6. In panel H1-1, which did not have a top slab, the cracks were predominantly 
concentrated near the vertical interfaces (Figure 6a). On the other hand, panel H1-1a, which 
has a top slab beside the cracks near the vertical interfaces, showed vertical cracks scattered 
on the walls, which are typically related to compressive failure. Panels H2 showed severe 
inclined cracks near the vertical interfaces, caused by shear stresses that induced the 
separation between the web and flanges. After the separating, the entire additional vertical 
load was supported by the web wall up to its compressive failure. Note that in the case of 
panel H2-1a, a brittle failure could not be avoided (Figure 6d), even applying the load with 
displacement control.  
 
The comparisons of peak loads corresponding to panels that have the same dimensions 
highlight the influence of the top slab. In Table 4 the results are summarised, including the 
ratio of the peak loads referred to the panel without a top slab.  Note that the existence of the 
top slab in panels H1 enlarged 37% the peak load, while the increase was 27% for panels H2. 
Panels H1-1 and H2-1, which did not have a top slab, showed a severe cracking distribution 
close to the vertical interfaces, leading to a consequent relief of the flanges and the 
predominant support of the web wall. Therefore, the load capacity of the panels without a top 
slab was largely dependent on the compressive strength of the web wall. Panels H1-1a and 
H2-1a that had a top slab also showed intense cracks near the vertical interfaces. 
Nevertheless, the top slab did not allow a large relief of the flange walls, which continued to 
hold up large amounts of the vertical load up to the end of the test. Consequently, the load 
capacity of the H-panel was a combination of large contributions of both web and flange 
walls, without a predominance of the web.  
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(a) Panel H1-1 (b) Panel H1-1a 

  
(c) Panel H2-1 (d) Panel H2-1a 

 
Figure 6. Comparison of failure patterns for panels H1-1, H1-1a, H2-1 and H2-1a 

 
Table 4. Comparison of failure loads for H1 and H2 

 

Type of panel Failure load 
(kN) 

Ratio to 
H1-1 Type of panel Failure load 

(kN) 
Ratio to 

H2-1 
H1-1 (without 

top slab) 
121.32 1.00 H2-1 (without 

top slab) 
367.15 1.00 

H1-1a (with 
top slab) 

166.18 1.37 H2-1a (with top 
slab) 

467.05 1.27 

 
Figure 7 shows details of the graphs already displayed in Figure 5, focusing on the linear parts 
and only for the web walls. Comparing panels H1-1 (without top slab) and H1-1a (with the 
top slab) the similarity of the behaviours is apparent, as seen in Figures 7a and 7b. The lines 
had slopes that differ only 13% (Figure 7c), which suggests that the influence of the slab was 
short for small loads. The transference of force from the web to the flange walls was 
noticeable since the strains in the lower levels of the wall were smaller than those near the 
top. The linear parts of the graphs of panel H2-1 had slopes that differ 56% (Figure 7d), and 
the superior strains were higher. This difference was smaller for panel H2-1a, 28%, showing 
that the force transference from the web to the flange was larger in this case, probably because 
part of the vertical load flowed directly to the flanges through the slab, before it compressed 
the top of the web wall.  
 
Figure 8 shows details of the linear parts of the graphs corresponding to the flanges. The 
similarity of the slopes of Figures 8a and 8b confirms that the slab had a limited influence on 
panel H1 for small loads. Figures 8c and 8d show results for panel H2. Despite some 
oscillation on the results, especially for the external flange  instruments,  the  influence  of  the 

Click here to searchClick here for table of contents



Linear part- Web - Panel H1-1

y = 138069x - 2,3362
R2 = 0,9955

y = 414655x - 2,1489
R2 = 0,988

-70

-60

-50

-40

-30

-20

-10

0
-0,0005-0,0004-0,0003-0,0002-0,00010,0000

Strain

Fo
rc

e 
(k

N
)

Lower web
Higher web

 

Linear part- Web - Panel H1-1a

y = 159513x - 2,1887
R2 = 0,9973

y = 395389x - 3,9715
R2 = 0,9898

-90
-80
-70
-60
-50
-40
-30
-20
-10

0
-0,0006-0,0005-0,0004-0,0003-0,0002-0,00010,0000

Strain

Fo
rc

e 
(k

N
)

Lower web
Higher web

(a)  Panel H1-1 (b) Panel H1-1a 
Linear part- Web - Panel H2-1

y = 218430x - 34,588
R2 = 0,9982

y = 340720x - 47,248
R2 = 0,9912

-200

-175

-150

-125

-100

-75

-50

-25

0
-0,0008-0,0006-0,0004-0,00020,0000

Strain

Fo
rc

e 
(k

N
)

Lower web
Higher web

Linear part- Web - Panel H2-1a

y = 298519x - 8,407
R2 = 0,9989

y = 383603x - 12,366
R2 = 0,9991

-300

-250

-200

-150

-100

-50

0
-0,0010-0,0008-0,0006-0,0004-0,00020,0000

Strain

Fo
rc

e 
(k

N
)

Lower web
Higher web

 
(c) Panel H2-1 (d) Panel H2-1a 

 
Figure 7. Comparison of how the strains changed in the web walls for panels H1 and H2 
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Figure 8. Comparison of how the strains changed in the flange walls for panels H1 and H2 
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top slab is apparent as the graphs for panels H2-1 and H2-1a are different. The external 
flanges in panel H2-1a were always compressed, while they showed a significant bending in 
panel H2-1, because there was no top slab to constrain it. 
 
 
PRELIMINARY CONCLUSIONS 
 
The main conclusions of the paper based on the experimental results are: 
• Saint Venant’s Principle is a helpful tool to consider the possibility of stress 

homogenization in a set of interconnected masonry walls. 
• the existence of a top slab was beneficial for the increase of the load capacity of the tested 

walls; the enlargement of the failure load was roughly 30% in the studied cases, compared 
to the results for corresponding panels with and without a top slab; 

• the influence of the top slab was related to a restriction of the bending of the flange walls 
and the possibility of direct force transfer from the top of the web to the flange walls; 

• another influence of the slab is the prolongation of the linear paths of the graphs. 
 
 
ACKNOWLEDGEMENTS 
 
The authors gratefully acknowledge the support of FAPESP and CNPq. 
 
 
REFERENCES 
 
Bosiljkov, V.; Simundic, G.; Page, A.W. “An analytical study of the composite behaviour of 
masonry geometric sections.” Proceedings of the 7th Australian Masonry Conference, 
Newcastle, NSW, 2004. pp. 466-475.  
 
Corrêa, M.R.S.; Page, A.W. “The Interaction of Load-Bearing Masonry Walls Subjected to 
Vertical Loads”. Res. Report No. 218.12.2001. The University of Newcastle.  Australia. 2001. 
 
Capuzzo Neto, V. “Theoretical and experimental study of the interaction of interconnected 
walls subjected to vertical loads.” São Carlos, 2000. 111p. M.Sc. Dissertation – School of 
Engineering of São Carlos. University of São Paulo. (In Portuguese) 
 
Capuzzo Neto. V. “Interaction of interconnected clay masonry walls subjected to vertical 
loads. ” São Carlos, 2005. 321p. PhD Thesis – School of Engineering of São Carlos. 
University of São Paulo. (in Portuguese) 
 
Capuzzo Neto, V.; Corrêa, M.R.S.; Ramalho, M.A. “Shear strength of vertical interfaces of 
intersecting walls”, 2007. Proceedings of the 10th North American Masonry Conference, St. 
Louis, MO, pp. 872-883. 
 
Lissel, S.L.; Shrive, N.G.; Page; A.W. “Shear in plain, bed joint reinforced, and post-
tensioned masonry”. Canadian Journal of Civil Engineering, 2000, 27 (5): 1021-1030. 
 
Simundic, G. “Diaphragm walls.” 1997. M.Sc. Dissertation. University of Newcastle, New 
South Wales, Australia. 

Click here to searchClick here for table of contents



 

 

MODELLING OF IN-PLANE LOADED CLAY UNIT MASONRY WALLS 
 
 

F. da PORTO1, G. GUIDI2, E. GARBIN3, C. MODENA4 
 

1Assistant Professor; 2Engineer; 3PhD Student; 4Full Professor 
Dept. of Structural and Transportation Eng. 

University of Padova, 
Via Marzolo 9, 35131 Padova, Italy 

daporto@dic.unipd.it 
 
 
 

SUMMARY 
 
An extensive experimental research aimed at defining the mechanical behaviour, under in-
plane actions, of perforated clay unit load bearing masonry walls, built with different 
typologies of head and bed joints, has been recently carried out at the University of Padua. 
Based on the experimental results, a numerical research aimed at investigating the behaviour 
of the three tested masonry typologies and the reliability of four different modelling strategies 
to simulate the types of tests, was carried out. In the present contribution, the results of the 
finite element analyses are discussed. 
 
 
INTRODUCTION 
 
Development in the masonry industry and in the construction sector imposes the use of 
different typologies of clay unit, assembled with different types of head and bed joints. The 
various types of masonry are recognized by the Eurocode 6 (EN 1996-1-1, 2005) but, 
traditionally, only the construction of masonry made with filled head joints has been allowed 
in seismic zones. However, the latest version of the Eurocode 8 defers the permission of their 
use in seismic areas to each country (EN 1998-1, 2004). For this reason, the investigation into 
the mechanical behaviour and the characteristics of masonry made with different kinds of 
units, joints and bonding arrangement, still constitutes a topic of interest, as demonstrated by 
some recent extensive experimental researches (Tomaževič et al., 2006). Furthermore, despite 
great advances have been made in the modelling of masonry structures (Rots, 1997), the 
definition of adequate modelling strategies for masonry is still a difficult task. 
In this framework, an extensive experimental campaign was carried out in order to 
characterize the mechanical behaviour of perforated clay unit load bearing masonry walls. 
Fifty-one specimens were characterized by means of uniaxial and diagonal compression tests 
and by means of in-plane cyclic shear compression tests. Three types of masonry walls were 
investigated, namely masonry made with unit with mortar pocket (in the following referred to 
as Po), masonry made with tongue and groove units (TG), masonry made with unit with small 
dimensional tolerance in height and thin layer mortar (TM). The results of the experimental 
campaign are presented in (da Porto et al., 2005). 
Four types of non-linear finite element models were used in order to simulate the 
experimentally observed behaviour. Both macro-modelling and micro-modelling strategies 
were adopted. Two types of material constitutive laws were implemented in each of the 
modelling strategies. Isotropic total strain rotating crack model (Rots, 1997) and orthotropic 
plastic model that uses a Rankine-Hill failure criterion were adopted (Lourenço et al., 1997). 
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From the comparison of the obtained results, it was possible to draw some conclusions about 
the adopted experimental procedures, the different behaviour of the three masonry typologies 
and the reliability of the different modelling strategies to simulate the different types of tests. 
It was also possible to carry out some parametrical analysis. 
 
 
EXPERIMENTAL PROGRAM AND NUMERICAL MODELLING 
 
The experimental phase started with almost 150 tests made on mortars and units. 
Subsequently, 70 tests on micro-assemblages for the determination of the properties of the 
unit-mortar interface (couplets and crossed couplets) and 51 tests on large masonry 
assemblages were carried out. The latter included uniaxial compression tests, diagonal 
compression tests and shear compression tests. A summary of the experimental results can be 
found in (da Porto et al., 2005). 
The experimental results were reproduced by means of both macro-modelling and micro-
modelling strategies. Two types of material constitutive laws were implemented in the 
continuum model. The isotropic total strain rotating crack model (TSRCM) is simple but 
adequate to reproduce also the secant unloading branch. The second adopted model is the 
orthotropic plastic model that uses a Rankine-Hill failure criterion, developed by (Lourenço 
et. al., 1997). The micro-modelling strategy has been based on a simplified model with 
continuum elements for the units and an interface element to represent the mortar joint and its 
area of adhesion to the units. The interface behaviour is described by a Coulomb friction 
criterion with parabolic compression cap and a tension cut-off (Lourenço and Rots, 1997).  
The analyses were carried out using the code DIANA™ release 9 (2005). Eight-node plane 
stress distribution elements with Gauss integration scheme were used in the models, and six-
node interface elements with Lobatto integration scheme were adopted for the interfaces in 
the micro-models. The Newton-Raphson iteration procedure was used with an arc-length 
control and an energetic convergence criterion. Table 1 gives a short overview of the 
experimental tests carried out and the corresponding analyses performed. 
 

Table 1. Tests carried out on masonry assemblages and modelling strategies adopted. 

Type of unit Type of test Number of 
tests Type of modelling 

TM; TG (& Po) Sliding along the bed joint 9; 9 (+9) None 
TM; TG (& Po) Tensile strength along the bed joint 6; 6  None 

TM; TG; Po Uniaxial compression 6; 6; 6 

TM; TG; Po Diagonal compression 6; 6; 6 

TM; TG; Po Shear compression tests 5; 5; 5 

Continuum TSRCM; 
Continuum 
Orthotropic; 

Micromod. TSRCM; 
Micromod. Orthotropic

 
 
CALIBRATION OF THE PROPOSED MODELS 
 
Various criteria have been proposed for the calibration of the numerical models.  
The fracture energy of masonry in tension (Gf

I) and in compression (Gc) are the only 
parameters needed into the continuum model implementing the isotropic total strain rotating 
crack constitutive law that have not been experimentally evaluated. These values have been 
found by means of extensive research on the literature, summarized into a data base valid for 
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masonry structures (Guidi, 2006) and also on the basis of the values and the equation 
proposed for concrete by the “Model Code 90”, as suggested by (Lourenço, 1996).  
The orthotropic plastic continuum model that uses the Rankine-Hill failure criterion needs 
more parameters. The elastic modulus in the horizontal direction Ex has been evaluated on the 
basis of the ratio of the net areas in the two orthogonal directions (equation 1): 
 

⎟
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EE  (1). 

 
According to the results obtained by means of the crossed-couplet test of tension along the 
bed joint, where the collapse mechanism involved the mortar dowels in the unit holes, the 
tensile strength in the vertical direction fty was close to the tensile strength of the bedding 
mortar ft on the net area of the holes. The tensile strength of the mortar ft has been evaluated 
by reducing by 10% the tensile strength of the mortar in flexure ft,fl, according to the 
Eurocode 2 (EN 1992-1-1, 2004). For evaluating the tensile strength ftx and the compressive 
strength fcx of masonry in the horizontal direction, the same procedure explained for the 
elastic modulus was adopted (equation 1). The fracture energy of masonry in tension and in 
compression in the two directions and the parameters α, β and γ that define the envelope of 
the Rankine-Hill failure criterion were determined according to the values proposed by 
(Lourenço 1996). Table 2 gives the parameters adopted into the orthotropic continuum model. 
From the values given for the y-direction in this table, it is possible to infer also the 
corresponding parameters of the isotropic total strain rotating crack model. 
The homogenization procedure leads to the definition of the linear stiffness kn and ks of the 
mortar joints, which are needed in the interface model. The classical formulation for the 
homogenization that can be found in literature, leads to an overestimation of the stiffness 
values. The latter are generally reduced to carry out the analysis (Rots, 1997). In the present 
study, the homogenization has been carried out on the basis of the equivalence between the 
experimental displacement (∆lexp), the elastic material displacement (∆ltot) and the model 
displacement (∆l’tot). The first is the displacement measured during the experimental 
compression test and is related to a global experimental elastic modulus Eexp. The elastic 
material displacement can be seen as the sum of the ideal elastic displacement in the unit and 
in the mortar (L), related to the corresponding elastic moduli Eu and Em, plus a correction (∆) 
due to the behaviour of the interface between the mortar joint and the unit. Finally, the model 
displacement can be seen as the sum of the displacement in the homogenized unit, related to 
the corresponding homogenized unit height h’u and elastic modulus E’u, and the displacement 
in the interface related to the corresponding interface stiffness kn. 
From the equivalence ∆lexp = ∆ltot = ∆l’tot and by assuming that the correction in the elastic 
moduli of the unit and the mortar is reciprocally proportional to the ratio of the corresponding 
displacement to the elastic material displacement, it was possible to obtain the homogenized 
elastic moduli of the unit E’u (equation 2) and of the mortar E’m (equation 3) and the interface 
stiffness kn (equation 4): 
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Table 2. Parameters of the orthotropic continuum model. The parameters of the isotropic total 
strain rotating crack model can be obtained from the values in the y-direction. 

Ex ν ftx Gfx
I fcx Gfcx α γ Unit [N/mm2] - [N/mm2] [N/mm] [N/mm2] [N/mm] - - 

TM 3191 0.45 0.177 0.018 4.93 17.03 0.71 2.13 
TG 3143 0.36 0.158 0.018 3.62 16.51 0.64 1.91 
Po 3185 0.25 0.167 0.018 4.93 16.36 0.61 1.82 

Ey Gxy fty Gfy
I fcy Gfcy β κp  

[N/mm2] [N/mm2] [N/mm2] [N/mm] [N/mm2] [N/mm] - [10-3]
TM 4497 1551 0.249 0.018 6.95 17.81 -1 0.65 
TG 4924 1810 0.247 0.018 5.67 17.32 -1 1.05 
Po 5237 2095 0.274 0.018 6.95 17.19 -1 1.18 

 
Table 3. Parameters of the orthotropic micro-model. The parameters of the isotropic total 

strain rotating crack micro-model can be inferred by this table (same values for the interfaces, 
same values for the unit in the y-direction) 

Ex ν ftx Gfx
I fcx Gfcx α γ unit [N/mm2] - [N/mm2] [N/mm] [N/mm2] [N/mm] - - 

TM 6615 0.22 0.332 0.024 7.57 17.03 0.71 2.13 
TG 5104 0.17 0.300 0.022 9.10 16.51 0.64 1.91 
Po 4797 0.14 0.352 0.025 7.95 16.36 0.61 1.82 

Ey Gxy fty Gfy
I fcy Gfcy β κp  [N/mm2] [N/mm2] [N/mm2] [N/mm] [N/mm2] [N/mm] - [10-3] 

TM 9269 3799 0.468 0.034 20.42 17.81 -1 0.90 
TG 7767 3319 0.472 0.034 20.96 17.32 -1 0.36 
Po 7704 3379 0.579 0.042 20.43 17.19 -1 0.45 

kn ks ft fc Gf
I Gfc Bed joint 

interface [N/mm3] [N/mm3] [N/mm2] [N/mm2] [N/mm] [N/mm] 
TM 34.90 14.42 0.36 25 0.026 20 
TG 57.13 24.88 0.89 25 0.050 20 
Po 69.46 30.17 0.89 25 0.063 20 

c tgφ tgψ Cs Gf
II κp  [N/mm2] - - - [N/mm] [10-3] 

TM 0.440 0.400 0 16 0.044 1.40 
TG 0.900 0.640 0 16 0.090 0.34 
Po 0.900 0.64 0 16 0.090 0.67 

kn ks ft fc Gf
I Gfc Head joint 

interface [N/mm3] [N/mm3] [N/mm2] [N/mm2] [N/mm] [N/mm] 
TM 25.10 10.36 0.021 11 0.000018 19.29 
TG 33.00 14.34 0.00022 11 0.000018 19.29 
Po 38.20 16.62 0.21 11 0.018 19.29 

c tgφ tgψ Cs Gf
II κp  [N/mm2] - - - [N/mm] [10-3] 

TM 0.044 0.0875 0 16 0.0044 0.42 
TG 0.054 0.0875 0 16 0.0054 0.86 
Po 0.360 0.64 0 16 0.036 1.04 
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The same procedure can be used for the evaluation of the homogenized shear moduli and the 
corresponding ks. The other parameters needed for the definition of the failure criterion have 
been chosen according to the literature (Rots, 1997; Lourenço, 1996) and the values of 
fracture energy have been fixed also on the basis of the compiled catalogue (Guidi, 2006). 
The interface model requires the use of the experimentally evaluated parameters for the 
mortar and the units, and does not rely on the values obtained on the masonry walls.  
The orthotropic micro-model adopts the same criteria for the definition of the interface 
properties, whereas the properties of the orthotropic unit are obtained on the basis of the ratio 
of the net areas in the two orthogonal directions, by applying the general criterion expressed 
for the elastic moduli by equation (1). Table 3 gives the parameters adopted into the 
orthotropic micro-model. The parameters which are implemented in the corresponding micro-
model with the isotropic total strain rotating crack constitutive law can be inferred by this 
table. From the values given for the unit in the y-direction it is possible to infer the values for 
the isotropic unit, whereas the same values were adopted for the interfaces. 
 
 
UNIAXIAL AND DIAGONAL COMPRESSION 
 
The analyses of the uniaxial compression tests carried out on the three masonry typologies 
gave similar results, apart from the continuum model that implements the total strain rotating 
crack costitutive law. The latter is not able to reproduce the behaviour of the masonry walls 
till the ultimate state, while the others models are able to reproduce very well both the value 
of the experimental ultimate load (see Table 4) and the deformability characteristics along the 
loading direction.  
 

Table 4. Uniaxial compression, experimental (Pu,e) and numerical (Pu,m) ultimate load. 
Mean 

experimental 
Continuum 
Orthotropic 

Continuum 
TSRCM 

Micro-model 
Orthotropic 

Micro-model 
TSRCM 

Pu,e Pu,m Pu,e/ 
Pu,m Pu,m Pu,e/ Pu,m Pu,m Pu,e/ Pu,m Pu,m Pu,e/ Pu,m

Masonry 
typology 

[kN] [kN] % [kN] % [kN] % [kN] % 
TM 2050.1 2035.8 99.3 1306.8 63.7 2041.2 99.6 2046.6 99.8 
TG 1686.0 1674.0 99.3 1306.8 77.5 1679.4 99.6 1684.8 99.9 
Po 1583.2 1576.8 99.6 1252.8 79.1 1587.8 100.3 1587.6 100.3 

 
The vertical displacements (negative in Figure 1a) are generally better reproduced for the 
specimens TG and Po, whereas the models of the thin layer joint specimens are stiffer than the 
real walls. The horizontal displacements (positive in Figure 1a) are well estimated for the 
three masonry typologies up to the opening of the first crack, above this they are undersized. 
The continuum orthotropic model is the only one which is able to meet the trend of the 
horizontal displacements before and after the crack opening (see Figure 1a). 
The experimental evidence confirms that all the models show the concentration of stresses 
induced by the test set-up in the centre of the specimens. The main difference in the behaviour 
of the three tested masonry typologies is related to the presence of the vertical mortar joint in 
the specimens Po. This produces a better distribution of the tensile stresses due to the 
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compression. However, due to the higher tensile stresses that the filled head joints can transfer 
to the units, this results into a decrease of the ultimate load (see Figure 2). According to the 
experimental evidence this particular behaviour, could be highlighted only by the micro-
models. On the contrary, no particular differences could be highlighted between the behaviour 
of ordinary (TG) and thin layer (TM) bed joint masonry made with tongue and groove units. 
The analyses of the diagonal compression tests carried out on the three masonry typologies 
gave different results. The continuum models bring a significant overestimation of the 
ultimate load (see Figure 1b). The presence of unfilled head joints in the masonry specimens 
TG and TM, yields to a distribution of principal stresses which is quite different from those 
predicted by the continuum material, which can be identified only by means of the micro-
models (see Figure 3). The principal stresses, are not homogeneously distributed, but are 
concentrated in parallel diagonal bands.  
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Figure 1. Experimental and numerical load-displacement diagrams for the specimens TM. 
Uniaxial compression (a); diagonal compression (b). 

 

  
(a) (b) (c) (d) 

Figure 2. Principal tensile stresses at 50% of the ultimate load. Orthotropic continuum model: 
(a) TM, (b) Po; interface model with orthotropic units: (c) TM, (d) Po. 

 
This distribution is favoured by the unit geometry (shape and dimension), by the masonry 
texture (one layer masonry with simple overlap), and by the presence of the unfilled head 
joints. The stress bands follow the masonry texture and not the main geometric diagonal of 
the masonry wall, therefore the areas close to the head joints are almost unloaded (Figure 3).  
In terms of both ultimate load and stiffness, the micro-models generally show a good 
agreement to the experimental behaviour. The fact that the experimental horizontal 
displacements are lower than the numerical ones, can be also explained due to the small entity 
of these displacements, which are characterized by magnitude similar to the measuring device 
sensitivity. The experimental load-displacements curves present a discontinuity between 20 
and 40 kN, due to the first settling of the joints. In the same range of load, the micro-models 
show a decrease of the stiffness.  
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The collapse occurs, both in the experimental evidence and in the micro-models, due to a 
tensile stresses concentration in the bed joints, which is maximum in the second mortar joint 
around the central unit. The failure there is initially located, followed then by the failure of the 
lower and the upper joint along the same direction, with the separation of the specimen into 
two portions (Figure 3). The models confirm the fragility of the collapse mode, and highlight 
the inadequacy of the diagonal test set-up to study the shear behaviour of large unit masonry 
walls.  
 

(a) (b) (c) (d) 
Figure 3. Interface model with orthotropic units. Principal compression stresses at the ultimate 

load: (a) TM, (b) Po; principal tensile stresses at the ultimate load: (c) TM, (d) Po; 
 
 
SHEAR-COMPRESSION TESTS 
 
The shear compression tests were carried out on specimens having cantilever type boundary 
condition, with fixed base and top end free to rotate, by applying a centred and constant 
vertical load equal to 17%, 21%, 27% and 33% of the measured maximum compressive 
strength. Horizontal cyclic displacements, with increasing amplitude and with peaks repeated 
three times for each displacement amplitude, were applied at a frequency of 0.004 Hz. 
The continuum models are very sensitive to the parameters defining the tensile strength and, 
in fact, they presented an anticipated failure that also modified the sequence of the observed 
damage mechanisms. Both for isotropic and orthotropic models to avoid this inconvenience, 
the highest values of tensile strength, i.e. fty, have been used. This allowed to re-establish the 
correct sequence of damage mechanisms and to obtain values of ultimate horizontal load in 
agreement to the experimental ones. Furthermore, due to the concentration of stresses in the 
compressed toe of masonry and to avoid the anticipate collapse in the numerical simulation, it 
was necessary to raise the compressive strength values fc towards the values adopted for the 
unit strength in the micro-models. The micro-model that implements the total strain rotated 
crack model for the units, were able to reproduce fairly good the experimental behaviour 
without any correction of the parameters extracted from the experimental characterization, 
and used for the analysis of the specimens under uniaxial and diagonal compression.  
On the contrary, the orthotropic continuum model and interface model, that implements the 
Rankine-Hill constitutive law, were inadequate to reproduce the experimental behaviour. The 
iterations stopped at a displacement and load level definitely lower compared to the real ones. 
Finally, in all the analysed cases, all the models were able to reproduce very well the initial 
elastic stiffness of the specimens. In particular, the continuum models, always gave stiffer 
results when compared to the micro-models.  
Figure 4 shows, for the three masonry typologies, a comparison between the experimental 
behaviour, represented by the envelope of the hysteresis loops (grey colour), and the 
numerical results. The comparison is carried out for the specimens tested under a compressive 
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load equal to 22% and 27% of their compressive strength. The isotropic models, which gave 
the best results, reproduced very well the stiffness and the maximum horizontal load, which 
was only slightly underestimated. However, they were not able to follow the displacement up 
to the maximum value at collapse. The isotropic micro-models were able to estimate the 
maximum load with an average error of about -5% and the maximum displacement with an 
error of -15%, except for the case of the specimens Po (+15%). 
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Figure 4. Load-drift diagrams. Experimental behaviour (grey), continuum models (dash line), 
micro-models (full line), isotropic model (black), orthotropic model (red). 

 
 
PARAMETRIC ANALYSES 
 
From the obtained results, it appeared that the simplified micro-modelling strategy, with the 
total strain rotating crack law for the unit, is the most adequate to reproduce monotonically 
the cyclic shear behaviour of masonry. Therefore, this model was used to carry out parametric 
analyses of the tested masonry typologies, in order to investigate the influence of the unit 
compressive strength (fcu) on the global shear behaviour of the tested specimens. The real 
perforated clay units had a compressive strength of about 20 N/mm2, the analyses were 
repeated using units characterized by a compressive strength equal to 15 and 10 N/mm2. The 
elastic moduli Eu of the modelled units have been defined on the basis of the unit compressive 
strength, according to equation (5), which was defined on the basis of an extensive research 
on literature and the creation of a data base of unit properties: 
 

333.03041 cuu fE =

 

(5). 
 
For the estimation of the unit tensile strength (ftu) the formulation proposed by the EC2 (EN 
1992-1-1, 2004) has been adapted to the following equation (6): 
 

)3,0(9,0 58.0
cutu ff =

 

(6). 
 
The compressive strength of masonry fc was estimated on the basis of equation (7), where fm 
is the mortar compressive strength. This equation was also obtained by calibrating an existing 
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formulation, and by cataloguing and interpolating results about different typologies of clay 
unit masonry found in literature (Mosele, 2004):  
 

)75,2log(
25,4

+= m
cu

c f
f

f

 

(7). 

 
Figure 5 shows, for the three masonry typologies, a comparison between the experimental 
behaviour (grey) and the numerical results of the isotropic micro-model (black), under a 
compressive load equal to 22% and 27% of the masonry compressive strength. In the same 
diagrams, the load-drift curves corresponding to units with compressive strength equal to 15 
N/mm2 (blue) and equal to 10 N/mm2 (red) are represented. The analyses were carried out by 
applying the same vertical load (dash line) or a vertical load corresponding to the same ratio 
(22% and 27%) between the applied load and the compressive strength of masonry. 
In the first case, the strength shows a decrease of about -5% and -11% for the masonry type 
TM, of about -2% and -7% for the masonry types TG and Po, but in particular the masonry 
presents a strong decrease of the maximum displacement (about -14% and -27% for the 
masonry type TM, of about -20% and -40% for the masonry types TG and Po). In the second 
case, it is possible to better appreciate the effect of the unit strength. In the case of the 
masonry specimens TM, the decrease of the maximum horizontal load with the decrease in 
the unit strength, , is almost linear (-22% for the unit with fc=15 N/mm2, -45% for the unit 
with fc=10 N/mm2), even if for the unit with the lowest strength there is a small increase in the 
maximum displacement (+10%). In the case of the masonry specimens TG and Po, the 
decrease in the maximum horizontal load is lower for the unit with the highest strength (-11% 
when fc=15 N/mm2, -40% when fc=10 N/mm2), and similar for the two types of masonry. The 
behaviour in terms of maximum displacement is different for the two types of masonry: for 
the unit with the lowest strength there is an increase in the maximum displacement in the case 
of the masonry type TG (+27%), whereas there is always a decrease in displacement in the 
case of the masonry type Po (-45%), even if this can be due also to the overestimation of the 
experimental displacement in the original model. 
 
 TM TG Po 

22
% 

 0

 50

 100

 150

0.0 0.5 1.0 1.5 2.0Drift [%]

Lo
ad

 [k
N

]

TMC 22%
TM 451kN 22%
FC=10 22%
FC=15 22%
FC=10 451kN
FC=15 451kN

 
 0

 50

 100

 150

0.0 0.5 1.0 1.5 2.0Drift [%]

Lo
ad

 [k
N

]

TGC 22%
TG 371kN 22%
FC=10 22%
FC=15 22%
FC=10 371kN
FC=15 371kN

 0

 50

 100

 150

0.0 0.5 1.0 1.5 2.0Drift [%]

Lo
ad

 [k
N

]

PoC 22%
Po 349kN 22%
FC=10 22%
FC=15 22%
FC=10 349kN
FC=15 349kN

27
% 

 0

 50

 100

 150

0.0 0.5 1.0 1.5 2.0Drift [%]

Lo
ad

 [k
N

]

TMC 27%
TM 554kN 27%
FC=10 27%
FC=15 27%
FC=10 554kN
FC=15 554kN

 
 0

 50

 100

 150

0.0 0.5 1.0 1.5 2.0Drift [%]

Lo
ad

 [k
N

]

TGC 27%
TG 456kN 27%
FC=10 27%
FC=15 27%
FC=10 456kN
FC=15 456kN

 0

 50

 100

 150

0.0 0.5 1.0 1.5 2.0Drift [%]

Lo
ad

 [k
N

]

PoC 27%
Po 429kN 27%
FC=10 27%
FC=15 27%
FC=10 429kN
FC=15 429kN

Figure 5. Load-drift diagrams. Experimental behaviour (grey), isotropic micro-model (black), 
masonry with fcu = 15 N/mm2 (blue) and fcu = 10 N/mm2 (red), under the same vertical load 

(dash line), under the same ratio of vertical load to compressive strength (full line). 
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CONCLUSIONS 
 
An attempt was made of calibrating four different types of non-linear model on the basis of 
rigorous criteria. The analyses were carried out using the available experimental parameters, 
without arbitrary corrections. A criterion based on the net areas ratio was used to determine 
the orthotropic parameters from the isotropic ones. Also defined was a homogenization 
procedure that allows to source the micro-model parameters and to apply them into the 
analyses without any correction. The results showed that, in the case of the uniaxial 
compression, three out of four models are able to reproduce the experimental behaviour, and 
the orthotropic models seem to be more adequate. The experimental behaviour under diagonal 
compression can be described properly only by means of the interface models, whether they 
are orthotropic or isotropic. Besides, only the isotropic models adequately describe the shear 
compression tests. The accuracy of the models is influenced by the type of tests that is being 
simulated more than by the masonry type itself. In general, it can be said that any type of test 
can be well simulated by at least one type of modelling strategy.  
The parametric analyses carried out on the shear behaviour of the three masonry typologies 
allowed defining the behaviour of masonry with different unit strength. The masonry made 
with thin layer joints (TM), shows a linear decrease of maximum horizontal load with the unit 
strength, and no or small increase of displacement capacity. In the case of masonry with 
ordinary bed joints (TG and Po), the maximum horizontal load shows a lower decrease in the 
case of the unit with the highest strength (-11%) and, at least for the units TG, there is an 
increase in the maximum displacement (+27%) for the unit with the lowest strength. 
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SUMMARY 
 
 
The authors were involved with the archaeologists of the Fondazioni Lerici, Politecnico of 
Milan, in the preservation of some Hindu temples in My Sơn, Vietnam. The characterisation 
of the brick- masonry materials was carried out at the Politecnico of Milan. Particularly 
interesting also for future developments was the successful study of the natural resin used to 
bond the bricks in the masonry and the research of new compatible resins to be used for the 
repair and restoration. The results of the research are presented together with some proposal 
for future research. 
 
 
INTRODUCTION 
 
 
A team of the DIS- Politecnico of Milano was asked in 2000 by the archaeologists of the 
Lerici Foundation (Politecnico of Milan) and by the Institute for Conservation of Monuments 
in Hanoi to visit the My Sơn (Vietnam) archaeological site. The Hindu temples built by the 
Cham people between the 6th and the 14th cent AD need preservation and repair. A decision 
was taken by the Italian team to work out a pilot project for the preservation of the so called 
group G.  
 
The attention of the brick masonry of the team was particularly attracted by peculiar 
technique of construction; in fact the horizontal and vertical bonding between bricks was so 
tight that they did show a sort of continuity in the wall. Moreover, this bond was still 
preserved after centuries and no (or very small) biological decay was noticed on the surface of 
the wall and the decay did not penetrate inside the wall. The binder used between bricks was 
recognised later by experimental investigation as a natural resin. 
 
The most modern techniques of Vibrational Spectroscopy (Infrared and Raman) were used to 
identify the nature of the material at the molecular level. Strong indications were observed in 
the spectra that one of the original components of the resin (dipterocarpol) may have suffered 
along the years by self-oxidation in the presence of atmospheric oxygen. During the various 
visits it was also realized that a supposedly similar vegetal resin was presently available on 
the market and used for caulking boats. The analysis was also extended to a glue extracted 
from some local trees (Daù Raì).  
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From the infrared spectrum it turned out that the examined resins (viscous liquid at room 
temperature) consist mostly of two main components: A (collected after evaporation under 
vacuum for 24 hrs at room T) is identified as alloaromadendrene (or its demethilated 
derivative); B (solid residue after evaporation) contains a large fraction of dipterocarpol. 
 
The original resin is very similar (but not fully identical) to the natural resin available now. 
This resin (Daù Raì) was used during the preservation intervention between 2004 and 2005 to 
joint the bricks together on some buildings of the group G of temples,. The operations since 
then seem to be successful. The research made on masonry materials will be here reported. 
While the restoration work will proceed in the next year, the idea of realising thin joints for 
new masonry to be used in humid areas will be developed.  
 
 
DESCRIPTION OF THE SITE AND OF THE CONSTRUCTION TECHNIQUE 
 
 
The archaeological area of My Sơn is situated in Central Vietnam, 30 km South-West from 
Da Nang; it is located in a valley surrounded by low mountains dominated by the Rang Meo 
mountain, and it is crossed by the Thu- Bôn river. My Sơn area (Figures 1 and 2) is 15ha wide 
and composed by several groups of buildings made with brick masonry, each of them 
organized around a main temple (Kalan). My Sơn is the most important holy place of the 
Champa kingdom; the Cham people built here more than seventy buildings, from the 6th to the 
14th cent AD, but nowadays only thirty with at least 1m in elevation are still recognizable. 
 
The site was burnt and plundered in the past centuries during the Chinese and Kmer 
occupations until it was finally neglected and covered by the jungle. It was rediscovered after 
centuries of abandonment in 1898, and studied at the beginning of the 20th C. by a French 
architect, Henry Parmentier from the École Française d’Extrême Orient (EFEO) (Parmentier 
1918); a Vietnamese-Polish expedition (lead from 1982 until 1986 by Kasimierz 
Kwiatkowski and Hoang Dao Kihn) carried out restoration works on some group of buildings 
damaged during the war at the end of the sixties (Kwiatkowski 1990). 
 

  
Figure 1. The archaeological area of My 
Sơn. 

Figure 2. My Sơn: view of the groups C and D 
of temples. 

 
The buildings in My Sơn were made by fired bricks thinly joined by natural resin. The stone 
was used as building material only for pillars, lintels and some decoration. The wall section is 
made of two leaves with small connections or three leaves, externally in bricks and with brick 
rubble in the middle (Figure 3). The most peculiar characteristic of the brick masonry was the 
special construction technique which realised the bond between bricks so tight that they did 

Click here to searchClick here for table of contents



not practically show real joints. The special building technique protects the walls from the 
affection of the vegetation: where the thin joint is not damaged, there are only very low 
biological attacks (Figure 4) (Condoleo 2007). 
 
In order to realize a more tight physical bond the technique of rub-joining was used during the 
wall construction before applying the resin. Scratches can be seen on the horizontal and 
vertical surface of the bricks in contact with other bricks. The scratch can be clearly observed 
by a magnifier but even by naked eyes (Figure 5) (Bo Xay 2004).  
 
Following some hypotheses that organic natural materials could have been used as binder 
between the bricks, as in historic buildings in other parts of Vietnam and South East Asia, a 
careful study was carried out on materials sampled from the My Sơn masonry walls. 
 

 
Figure3. Section of the 

wall. 
Figure 4: The thin mortar 

joints in prospect. 
Figure 5. Scratches due to the 

rub-joining procedure. 
 
 
TESTS ON SAMPLED MATERIALS  
 
 
In order to carry out a laboratory research on the masonry materials, samples were taken 
during several visits to the site, starting from the first one in 2000. The samples were collected 
from the groups A, D, E, G, being the last one the group of interest for the Italian pilot 
project. At DIS, Politecnico of Milan, the authors carried out several tests on the sampled 
materials in order to detect the properties of: bricks, brick assemblages and joint material. 
 
 
Material sampling 
 
 
Due to the difficulty of sampling without damaging the walls, the number of samples was 
rather small to be statistically representative of the materials used. Nevertheless the 
experimental research gave rather reliable results as it will be shown in the next Sections. All 
the brick samples were taken from the material available on the soil (buildings A1, A13, B9, 
D4, G1) or on the ruins (E4, E5, E7) in order to avoid spoiling the standing parts of the 
buildings. When possible, couplets of bricks stuck together by the original joint were 
collected (Figure 6). Following the hypothesis that the bricks were bond together using an 
organic binder coming from local trees, samples of vegetal materials were also collected for 
laboratory research (Figure 7). 
 
In 2001 also a special glue from vegetal origin used for caulking of boats was bought at the 
local market in Hoi An (RES1); in 2004 another resin coming from local trees (called Daù 
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Raì) and sold as glue was bought close to My Sơn site (RES2) (Figure 8). During the 
excavation on G group some fragment of natural resin were found and also taken to Milano 
for analyses. 
 

    
Figure 6. Couplets of bricks 

stuck together. 
Figure 7. Vegetals 

collected in My Sơn in 
2000 

Figure 8. The “Daù Raì” tree and the 
resin extracted from it (2004) 

 
 
Chemical analyses on bricks, joints and filling 
 
 
These analyses concerned the bricks and the binder in the external joints and in the inner leaf 
of the walls. Chemical analyses according to ASTM C 114 (1996) were carried out on the 
sampled materials (Ballio et al. 2001).  
 
The results showed that the composition of the brick is the same, despite the apparent visual 
difference, but also that the composition of the bricks and of the so called joint is the same. The 
presence of a very low content in CaO in the joint (from 2.33 to 4.48%) showed that no lime is 
present in it. Chemical analyses were also carried out on the material sampled from the internal 
leaf of the walls. They show that this material does not differ from the one of the bricks.  
 
 
Mechanical and physical tests on bricks 
 
 
Physical and mechanical tests (mono-axial compression and indirect tensile tests) were 
carried out on the brick samples. Dimensional variations in water were measured; 
nevertheless they have not to be taken into account, being very small. 
 
Physical tests were performed on small 4 to 6 brick cubes (400mm side) cut from the bricks; 
the tests were carried out according to the European standard (UNI EN 2001). The results 
show a certain in-homogeneity; nevertheless some orientation values can be given as an 
average: (i) bulk density = 1,630 kg/m3, (ii) I.R.S from 0.41 to 1.92 kg/m2/min, (iii) water 
absorption coefficient = 160.09 g/cm2×s0.5, (iv) water absorption by total immersion between 
18.18 and 23.99 %. Some XRD tests carried out on a specimen from A1 show that the bricks 
were fired at a temperature below 900°C. Specimens from A1 were fired at 900°C in order to 
control the previous results. The higher value of the bulk density (1,608.7 against 1,558.8 
kg/m3) and the lower water absorption (21.94 against 23.99 %) respect to the other A1 
specimens seems to confirm the fact that the bricks were fired at a temperature below 900°C. 
Compression tests were carried out on cubes (40x40x40mm). Once again all the values were 
very much scattered, between 8 and 14 N/mm2;nevertheless the cubes from A1 fired at 900°C 
gave the maximum strength; confirming that the original bricks were fired at a lower 
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temperature than 900°C. The modulus of elasticity E and the Poisson coefficient were also 
calculated and the values are typical of a rather soft material (Binda et al. 2006).  
 
 
ANALYSES OF THE BINDER IN THE JOINTS AND OF THE NEW NATURAL 
RESINS  
 
 
The presence of organic material between the bricks was firstly determined according to a test 
suggested in (Road Research 1955). Analyses were carried out on the joint material, which has 
been separated from the bricks, the core of the brick and its external part. The results were that a 
predominant content of organic material was found in the joint and a minor content in the 
bricks.  
 
 
Spectrochemical analysis. 
 
 
The “Giulio Natta” Department of Chemistry, Materials and Industrial Chemistry of the 
Politecnico of Milano (G. Zerbi) and the Institute of Biology of the Faculty of Science of the 
University of Milan (F. Tomé) have performed the chemical characterization of the resin 
found in the joint. 
 
The identification of the main components of the organic materials has been carried out 
mostly by means of infrared spectroscopy with FT-interferometers. Since each sample 
necessarily consists of a mixture of a variety of chemical compounds the spectroscopic 
analysis focussed at the identification of the main components which could justify the 
chemical and physical behaviour of the materials. To help in the analysis a few procedures of 
separation of the components have been followed such as evaporation in vacuo and extraction 
with suitable solvents.  
 
The idea behind these analyses is that the materials used in the building of the My Sơn 
temples be fully related to what nature offers in the area and what people can manufacture 
locally. In particular the organic materials used may originate from the resins of the trees 
which grow in the surrounding area. Trees of the species of the dispterocarpaceae. 
 
The results of the analysis are as follows: 
i) Identification of the chemical nature of sample RES1 (a special resin, liquid at room 

temperature, used for caulking boats) and RES2 extracted (as viscous fluid from a local 
tree called Daù Raì).  

 
The infrared spectrum of RES1 (Figure 9) shows a complex pattern which becomes simpler 
by keeping the sample under vacuum for 24 hrs. 

 
A dry materials has been obtained as residue after evaporation and its infrared spectrum 
(Figure 10) is certainly simplified if its interpretation has to be carried out on the basis of a 
“group frequency” analysis. Dammarenediol seems to be the substance with the highest 
relative concentration with respect to many other possible substances in much lower 
concentration.  
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Figure 9. FT-IR spectrum of RES1 (fluid 
sample)  

Figure 10. FT-IR spectrum of the solid 
residue after evaporation of RES1. 

 
The disappearance of the bands near 3078, 1637 and 886 cm-1 strongly suggests that the 
substance which has evaporated contains in its structure C=C bonds. Difference spectroscopy 
(spectrum of the liquid-spectrum of the solid residue) provides the infrared spectrum of the 
volatile component of RES 1 (Figure 11) which can be identified as alloaromadendrene.  
 
Next step is the analysis of RES2 which was analogously evaporated on a SeZn glass. 
Comparison of the spectrum of RES2 Figure 12 with that of Figure 10 shows that the two 
materials are practically identical, thus indicating that the local people obtained the glue from 
local trees.  
 

 
Figure 11. Comparison of the FT-IR spectra of the volatile component of RES1 (black) and 

the spectrum of aromadendrene (red). 
 

  
Figure 12. FT-IR spectrum of the residue 

of RES2 after evaporation in vacuo 
Figure 13. FT-IR spectrum of RES1c (red) 

showing the existence of kaolin (green). 
 

ii) Next our attention was focused on samples bought on the market at Hanoi which was 
presented either as a solid block (RES1b) and a powder (RES1c). From the spectrum the 
material which makes up the solid block (RES1b) is substantially identical to the solid 
residue from RES1 obtained after evaporation (Figure 10). However the spectrum of the 
powder RES1c shows additional absorption bands which allowed to identify the existence 
of kaolin, thus indicating that the powder is not only the ground resin but it also consists of 
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a mixture of additional materials in which kaolin is the main additional component (Figure 
13). 

 
iii) Analysis of the material scratched away from the joint (JRES1). Figure 14 shows the 

infrared spectrum of JRES1 as collected on the site. No absorption from the organic 
component can be observed since it is too weak with respect to the overwhelming infrared 
absorption by the components which make up the brick. 

 
The absorption was removed by the inorganic material from the brick by extracting the 
organic fraction with carbon tetrachloride and recording the spectrum of the solute after 
evaporation of the solvent. Figure 15 shows the great similarity of the organic component 
extracted from JRES1 with the solid residue of RES1 The spectrum shows, however, that 
some chemical modifications have occurred from RES1 to JRES1 mostly associated to the 
C=O functional groups in the molecules (band at 1739 cm-1 from the brick and 1693 cm-1 in 
the solid residue of RES1). It is well likely that the resin taken from the brick, in the early 
days could have been just the resin from the trees; self-oxydation processes which possibly 
occurred along the many years could justify the spectral changes observed. 
 

  
Figure 14. FT-IR spectra of JRES1; black 

sample with resin, red spectrum of a pure brick. 
Figure 15. Comparison of the FT-IR spectra of 
a) material extracted with carbon tetrachloride 
from the brick (red) and b) the FT-IR spectrum 

of the solid residue of RES1. 
 
iv) Analysis of sample ARCHES (small fragments of resin found among the excavated 

bricks). The infrared spectrum of ARCHES shows again the spectrum of the solid fraction 
of the resin, but additional substances occur in the sample. Their identification requires 
more extended studies.  

 
 
Mechanical tests on couplets 
 
The compression test carried out on a couplet of bricks with the joint has been compared with a 
test carried out on a couplet of bricks without joint. The strength values found for the couplet 
without joint are lower than the ones obtained with the jointed couplet showing once again the 
role of the thin joint when well bonded to the bricks (Table 1). It can be observed by comparing 
the results that the strength of the couplet is very similar to the one of the bricks varying 
between 8 and 14 N/ mm2 (see previous section) and this is due to the fact that the joint is very 
thin and no mortar is between bricks. It is well known that mortar joints give regular stress 
distribution but lower the strength and the stiffness of the masonry. 
 
Figures 16a and b shows the different behavior in the two situation as revealed by the ESPI 
(Electronic Speckle Pattern Interferometry) diagrams. Continuity in the horizontal displacement 
was the characteristic of the couplet with the joint. 
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Table 1. Compression tests on couplets. 
 

E (30-60%) 
σc εv Ejoint Eprism Ebrick v

l

ε
ε

Δ
Δ

 
Specimen 

[N/mm2] [μm/mm] [N/mm2] [N/mm2] [N/mm2] (30-60%) 
G.4a without joint 11.48 11.55 1352 1623 3186 0.12 

G.4b with joint 12.58 14.41 1470 1439 2147 0.09 
 

 a) b) 

Figure 16. ESPI images during the compression test on the two couplet: a) specimen with 
joint; b) specimen without joint. 

 
 
NEW RESINS USED FOR THE RESTORATION 
 
 
The effectiveness of the second resin coming from Daù Raì tree was tested at DIS Laboratory 
in Milan, where it was used natural without heating or modifying it. Fourteen specimens made 
with two portions of bricks from My Sơn (80x40x50 mm dimension) (Figure 17) and glued 
together with the chosen natural resin were prepared and cured under different conditions in 
order to simulate the local climate in My Sơn. Some of the joints were very thin, other thicker in 
order to test the influence of the thickness variation which can occur on site. After gluing they 
where left under low compression load for two days. Then they were submitted to different 
temperature and R.H. in a climatic chamber or also to cycles as listed in Table 2. At the end of 
the treatments they were submitted to direct tensile tests. 
 
 
 

 
Figure 17. Specimen made with two 
portions of brick and glued by resin 

Table 2. Tensile tests on couplets 
 

Specimen Curing condition σt (N/mm2) 
C.1 30°C (4 days) 0.25 
C.2 30°C (4 days) 0.24 

C_thin.1 8h 20°C, 90% R.H.  
16h 70°C, 50% R.H. (60 days) 

0.11 

C_thin.2 8h 20°C, 90% R.H.  
16h 70°C, 50% R.H. (60 days) 

0.17 

C_thick.1 8h 20°C, 90% R.H. 
16h 70°C, 50% R.H. (60 days) 

0.16 

C_thick.2 20°C, 90% R.H. (60 days) 0.11 
C_thick.3 20°C, 90% R.H. (60 days) 0.04 
C_thick.4 20°C, 90% R.H. (60 days) 0.04 
C_thin.3 20°C, 90% R.H. (60 days) 0.16 
C_thin.4 20°C, 90% R.H. (60 days) 0.10 
C_thin.5 20°C, 90% R.H. (60 days) 0.07 
C_thick.5 in water (60 days) 0.06 
C_thin.7 in water (60 days) 0.07 
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The testing machine was a servo-controlled hydraulic press of 0.5 t working under displacement 
control. The test results are also reported in Table 2. The lowest values were reached by 
specimens with thick joints cured at 20°C and 90% R.H for 60 days and by the specimens cured 
into water for 60 days, while the highest values were reached by the specimens cured at 30°C 
and with thin joints. These results were taken into account when applying the resin on site. It 
can also be observed that the direct tensile strength measured are some specimens was higher 
than strength measured by the authors on some old masonry with joints based on lime.  
 
 
POSSIBLE FUTURE APPLICATION TO NEW THIN JOINT MASONRY 
 
 
New thin joint mortars have been studied and produced during the last decade in Europe as a 
mean to join Aircrete and other lightweight blocks and particularly in UK, where the potential 
benefits of extending the use of thin joints to brickwork have been the subject of recent research 
at Kingston University (Fried et al. 2005). The experimental research was also applied to dense 
concrete block masonry for which a tentative to reduce the joint thickness of 3mm by using a 
glue mortar failed due to the fact that the thin joint could not accommodate variation in the 
block height (Figure 18). The appealing possibility of using thin glue mortar joints for 
brickwork was also mentioned even if the possibility of the mortar squeezing into the brick face 
represents a limit for the application. 
 
The type of joint found in My Sơn would be so thin if applied to new brick masonry, provided 
that the brick dimensional variations would be carefully reduced, that no squeezing would 
occur. In Figure 19 an example of new masonry used as support in the restoration of My Sơn is 
given. So a future development of the presented research could be the application of resins as a 
joint to new brickwork. This technique could be applied in humid climates where the natural 
resin is available or an artificial resin could be synthesize for the purpose. 
 

  
Figure 18. New thin joint masonry made 

with dense concrete blocks and glue mortar. 
Figure 19. New masonry in My Sơn used to 

stabilized the ruins of group G. 
 
 
CONCLUSIONS 
 
 
In conclusion the experimental research carried out on the sampled materials from My  Sơn 
temples allowed to state that: (i) the bricks were fired at a temperature below 900°C, (ii) no 
lime was used for the mortars and the tight bonding between bricks, (iii) the joint between 
bricks is so thin that no moisture seems to penetrate from the outside, (iv) the contact between 
the bricks was realized by the presence of a natural resin, (v) the thin joint also seem to help 
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increasing the strength of the masonry even if the bricks are rather soft and with low strength, 
(vi) the biological growth affects in a much lower degree the decay of the original walls with 
tight joints than it does for the repaired walls where cement mortar was used, (vii) the natural 
resin can be easily substituted by the present resin coming from the Daù Raì trees. 
 
A further step of the research will be to check the possibility of using natural or synthetic 
resins for thin joint concrete and brick masonry to obtain more durable masonry and with 
good direct tensile strength. 
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SUMMARY 
 
Based on the experiments of the 15 specimens included axial and eccentric compression,  the 

cracking and ultimate load were measured，the connection and incorporation between the 

bearing and polymer benzene layer were detected, the failure modes and lateral deformation 
were observed, and the bearing capability of masonry with composite hollow concrete 
subjected to axial and eccentric compression load were analyzed.  
 
 

INTRODUCTION  
 
With the developing requirements on innovation of wall materials and energy savings in 
buildings, the small size hollow concrete blocks that have many advantages in energy savings 
and protecting the environment are becoming an emerging new type of wall material and are 
gradually replacing clay bricks in China. The composite hollow concrete block for load 
bearing and energy conservation is a kind of new wall material product. Several 
characteristics are as followings. (1) There is a higher thermal insulation material of polymer 
benzene in the block, so there were good behavior of heat and sound insulation. Energy 
saving 50% can be satisfied the requirements of energy conservation in buildings (Ye and Sun 
et al. 2002(4); Ye and Sun et al. 2002(5)). (2) The polymer benzene layer with wedge (so 
called swallow-tailed groove) had the good connection with the load bearing and concrete 
cover layer. (3) The Load bearing layer has approximately 47% space in the block, so it can 
lighten structural mass. 
 
In order to know about ability of the composite hollow concrete masonry block for 
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load-bearing and energy saving, the experiment of 15 specimens subjected to the axial and 
eccentric compression force were carried out. The experimental results indicated that the 
insulated layers in the walls with composite hollow concrete block were not damaged badly 
from the beginning to the end, and that could be connected with the wall well and kept the 
normal working under loading. 
 
 

EXPERIMENTAL BRIEF 
 
The main and the minor dimensions of the composite hollow concrete block were 390mm × 
270mm × 190mm and 190mm × 270mm × 190mm respectively. The load bearing layer was 
consisted of the hollow concrete unit with the dimension 390mm×190mm×190mm. Thermal 
insulation layer was composed by polymer benzene board with the dimension 
25mm+15mm, and the cover layer with the dimension 25mm. The dimensions of the main 
block are shown in Figure 1.  
 

 

     

Figure 1.  Composite hollow concrete block 
 
Designing and making of specimens 
 
The all 15 specimens included axial and eccentric compression members were made and 
divided into three batches in the test. The first, second and the third batch specimens included 

Wa－1, Wa－2，Wb－1；Wa－3，Wa－4，Wb－2；and Wc-1，Wc-2，Wc-3，Wd-1，

Wd-2，Wd-3，We-1，We-2，We-3 respectively(Zhang, 2004; Liu, 2006). There was a ring beam 

on the top of Wa and Wb system walls separately. The ring beam had a height of 200mm and 
the same thickness with the walls. It was provided the reinforcement layout with four 

HRB335 longitudinal bars having diameter Φ of 12mm and transverse steel reinforcement 

consisting of HPB235 and diameterΦ 6 hoops space of 200mm. The polymer benzene boards 
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were put into the ring beam to prevent “Heat Bridge.”  In order to compare different 
structural behaviors with different construction measures and know the failure modes between 
the thermal insulation and load bearing layer, “Z”-shaped tie bars were placed in the 
specimens Wa-2 and Wa-4 every two blocks. All details of specimens were listed in the 
table 1 and showed in Figure 2, 3, and 4. 
 
 

 

 

 
 

 
 

Wa-1  Wa-2        Wa-3  Wa-4 Wb Wc  Wd  We 

Figure 2.  The dimensions of walls  
 

Table 1.  Dimensions and details of specimens 

 

specimens dimensions(mm) 
Compressive  
characteristic 

Eccentricity
Tie bars  
in walls 

Height to 
thickness ratio 

Wa-1 2000×1000×270 Axial loading 0 no 7.4 
Wa-2 2000×1000×270 Axial loading 0 yes 7.4 
Wa-3 2000×1000×270 loading out of plan 20mm no 7.4 
Wa-4 2000×1000×270 loading out of plan 20mm yes 7.4 
Wb-1 1000×1000×270 Axial load 0 no 3.7 
Wb-2 1000×1000×270 load out of plan 20mm no 3.7 
Wc-1 390×590×270 load out of plan 20mm no 2.2 
Wc-2 390×590×270 load out of plan 20mm no 2.2 
Wc-3 390×590×270 load out of plan 20mm no 2.2 
Wd-1 390×590×270 load in the plan 30mm no 2.2 
Wd-2 390×590×270 load in the plan 30mm no 2.2 
Wd-3 390×590×270 loading in the plan 30mm no 2.2 
We-1 390×590×270 Axial load 0 no 2.2 
We-2 390×590×270 Axial load 0 no 2.2 
We-3 390×590×270 Axial load 0 no 2.2 
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Figure 3.  Details of tie bars in the wall  Figure 4.  Details of ring beams 

 

Mechanical properties of materials 
 
The specimens of mortar, concrete, block, masonry, and reinforcement were made and 
mechanical properties of all specimens were taken in this test, the results as shown in Table 2.  
 

Table 2.  Material strength of specimens (MPa) 

 
Experimental methods 
 
The experiment of masonry with composite hollow concrete block for load-bearing and 
energy saving was carried out in the structural laboratory at Nanjing University of 
Technology. The vertical loads were applied by an electro-hydraulic servo loading system. 
The specimens and loading system were strictly followed as the requirements of “Standard 
Test Method of Basic Mechanical Properties for Masonry” (GBJ129-90, 1997) and “Test 
Methods for Hollow Concrete Units” (GB/T4111, 1997). The loading process was divided 
into two stages. In the earlier stage, the loading level was controlled to 65kN up to 392kN, 
and it was continued three minutes every step; then the loading level was changed into 35kN 
and not stopped up till the specimen failure (Shi 2003). The lateral deformations of the wall 
were measured by the displacement sensors laid on the specimens, and the data were collected 
by the DH3818 deformation gauge.  
 
 

EXPERIMENTAL RESULTS AND ANALYSIS 
 
Compressive failure characteristics 

 

If the vertical load was applied to the center of specimens, the both layers of specimens were 
not cracking and the strain was in proportion to the stress when the load was small. Some 

Specimens Block Mortar Masonry Concrete Reinforcement 

Strength 
Compression 

6.50 
Compression 

8.84 
Compression 

6.00 
Shear 
0.28 

Compression 
18.87 

tension 
260 
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cracks appeared first in bearing layer then the thermal layer when the load was up to 70% 
ultimate load. With the load increasing, the cracks of both layers stretched from vertical 
mortar joint into masonry blocks. The cracks of bearing layer went through the several blocks 
when the load was up to 90% ultimate load, meanwhile local compressive diagonal cracks 
appeared from underside corner in the bearing layer and extended to other corners. When the 
specimen failed, the main cracks were orderliness in the middle of specimen, and the 
specimen was divided into many small strip columns, with the characteristics as brittle failure 
of small columns instability. At that time, the width of the main crack of cover layer without 
ties was bigger and the some blocks among cracking protruded, as shown in figure 5a.  

 

If the load was applied with eccentricity out of plan, the vertical cracks appeared fist in 
bearing layer, and then horizontal cracks appeared in the weak mortar joint of cover layer. As 
the load increasing, the cracks of the both layers stretched to masonry block with new cracks 
occurring and the cracks of bearing layer up and down. Furthermore, the cracks of both layers 
went through the blocks and became bigger in the lateral side of bearing layer with some low 
crepitating sounds, the vertical cracks of the bearing layer developed more quickly, and the 
wall bent to the bearing layer. Some blocks of bearing layer fell off, and the cover layer was 
protruded out suddenly in the specimen without ties when it failed, as shown in figure 5b. If 
the load was applied with eccentricity in the plan, the loading process was similar to that for 
axial compression. The deformation was small and in proportion to the load when the load 
was small. First crack appeared in mortar joint of the second block in the reverse direction of 
loading, and the classical failure mode was shown in figure 5c. 
 

  

a) Axial compression wall   
without tie 

b) Eccentric compression wall 
without tie 

c) The wall with ties 

Figure 5. Failure pattern of specimens 
 

Analyzing the above failure process, there was the similarity status between composite and 
the common hollow concrete masonry for axial compression. The cracks was from stability 
originally to instability as load increasing, finally the masonry was crushed or divided into 
many small columns and failed due to losing stability. For eccentric compression, the first 
crack appeared at mortar joint of edge corner in bearing layer at the beginning of loading, 
however, cracking of the cover layer developed quickly as the load increasing, and the 
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specimen was crushed partly. Especially the failure with protruding of cover layer occurred in 
the specimens without ties, and lost bearing capacity even the cover layer did not fall off. 
 
Cracking and ultimate load  
 
Although the compression capacity between specimens with and without ties no more alters, 
using ties could enhance the ultimate load for the axial compression and improve either 
cracking or ultimate load for the eccentric compression, the results listed in the table 3.  
 

Table 3. Cracking and ultimate load of compressive specimens 

specimens Wa-1 Wa-2 Wa-3 Wa-4 Wb-1 Wb-2 We Wc Wd 
Cracking loads/KN 872 894 518 527 1152 720 641 330 500 
Ultimate loads/KN 1280 1284 787 790 1424 894 770 507 668 
Height to thickness ratio 7.4 7.4 7.4 7.4 3.7 3.7 2.2 2.2 2.2 

Deformation of compression specimens 
 
The stress-strain curves for axial compression specimens and the P-Δ curves for both axial 
and eccentricity compressions are shown in figure 6, 7, 8 and 9. The results, shown in figure 
6 and 7 indicated that deformation of cover layer was less than that of bearing layer for axial 
compression. For eccentric compression, however, the deformation of cover layer was less 
than that of bearing layer when the load was small, then it was increased quickly and finally 
exceeded that of bearing layer when the load was exceeded the cracking load, but, the 
specimen without tie bars occurred protruding.  

 

 
Figure 6. Stress-Strain curve of axial compression  

Figure 7. P-Δ curve of axial compression  

 

The deflection both specimen of Wa－1 and Wa－2 was approximately the same when the 

load was small, but the deflection of specimen of Wa－2 was more less than that of specimen 

of Wa－1 with the load increasing, because of tie bars in the specimen of Wa-2. 

 

Click here to searchClick here for table of contents



  

 

Figure 8. P-Δ curves of eccentric compressive specimens  
 

Comparing the P-Δ curves in the figure 8 and 9, the deformation specimen of Wa－3 was 

nearly the same for Wa－4 when the load was small, but with the load increasing, the 

deformation of specimens with eccentricity increased quickly either bearing or cover layer, 

the deformation increment of specimen of Wa－3 was more bigger than that of Wa－4 

because of tie bars in the specimen Wa-4. Comparing axial to eccentric compression, the 
results shown in figure 9, the deflections of specimens with eccentricity nearly were up two 
times bigger than that of specimens of axial compression in the same load. When the load 
was nearly up to failure load, the lateral deflection of cover layer with eccentricity increased 
suddenly and exceeded that of the axial compression specimen, and resulted in that cover 
layer without tie bars protruded badly. 

 
 

  Figure 9. P-Δ curves of compressive specimens 
 
As shown in the table 4, the lateral deflection of specimen with ties was the 44% of that of 
without ties for axial compression specimens, and the former was 75% of the latter for 
eccentric compression members. It is obvious that using ties restricted the lateral deflection 
obviously and controlled the protruding of cover layer. 
 

Table 4.   Average lateral deformation of composite masonry wall  

Specimens Wa-1 Wa-2 Wa-3 Wa-4 
Polymer benzene and cover layer /mm 3.03 1.31 4.5 3.37 

Bearing layer/mm 2.57 1.14 2.86 2.16 
 

Click here to searchClick here for table of contents



  

Effect of the longitudinal buckling  

 

The bearing capacity of compression specimen is greatly affected by longitudinal buckling, it 
decreased largely with the increasing of h/t. Comparing the specimen of Wb-1, Wa-1 and 

Wa-2 subjected to axial compression, the calculated h/t was 4.07 and 8.14 respectively，but 

the actual effect coefficient of h/t was 0.9. Based on the result of specimen Wb-1, comparing 
the experimental value to the calculated value with different h/t in the Code for design of 

masonry structures（GB50003-2001）, the results showed that the calculated value is close to 

the actual value. Consequently, the effect of h/t of composite concrete masonry subjected to 
axial compression force could apply the method in code, and the results are listed in table 5.   

 

Table 5.  Effect of the longitudinal buckling to bearing capability  

Specimens 
Height to thickness 

ratio   (1.1β) 
Ultimate 
load/KN 

Effect of the 
longitudinal buckling 

Effect  
Calculated h/t   

Effect of 
actual h/t 

Wb-1 4.07 1424 0.979 1 1 

Wa-1、2 8.14 1282 0.907 0.926 0.9 

 

Effect of eccentricity  
 
For the eccentric compression situation, the two kinds of dimension 2000×1000×270 and 
390×590×270 of specimens Wa-1,Wa-2,Wa-3,Wa-4 and Wc, Wd, We were discussed. 
Eccentric coefficient was used as representing the affect of eccentricity to bearing capability. 
The values both calculated and actual were listed in the table 6. The results indicated that the 
values in the plan were in agreement with code well, but, the actual values out of the plan 
were bigger than that of code.  

   

Table 6.   Effect of the eccentricity to bearing capability 

Specimens 
Eccentricity 

/mm 
Relative eccentricity 

(e/ h or e/b) 
Ultimate load 

/KN 
Effect Calculated 

eccentricity 
Effect of actual 

eccentricity 

Wa-1、2 0 0 1282 1 1 

Wa-3、4 20 0.1 789 0.89 0.62 

Wb-1 0 0 1424 1 1 
Wb-2 20 0.1 894 0.89 0.63 
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We 0 0 770 1 1 
W 20 0.1 507 0.89 0.66 
Wd 30 0.08 668 0.93 0.87 

 
Bearing capability of composite block masonry 

 

Owing to the swallowtail groove connected between concrete and polymer benzene layer 
worked together partly, the effective gross section areas were took in calculating bearing 
capability. Since the cross section area of specimens is less than 0.3m2, the adjusting factor 

aγ  of masonry strength was taken 0.898 and 0.78 separately（GB50003-2001，2002）. 

Comparing the actual value to calculating value of bearing capability in code, the bearing 
capability of composite concrete block masonry subjected to both axial and eccentricity are 
good by using calculating formation. The calculated results are listed in table 7.   

 

Table 7.  The results of bearing capability for axial and eccentric compression 

Specimens Wa-1 Wa-2 Wa-3 Wa-4 Wb-1 We Wb-2 Wc Wd 
Mortar strength /MPa 8.67 8.67 7.78 7.78 8.67 8.31 7.78 7.78 7.78 

Masonry strength /MPa 6.0 6.0 5.86 5.86 6.0 5.72 5.86 5.86 5.86 
1.1β 8.14 8.14 8.14 8.14 4.07 2.42 4.07 2.4 2.4 

e/h (e/b) - - 0.1 0.1 - - 0.1 0.1 0.08 
Longitudinal buckling factor φ0 0.907 0.907 - - 0.979 1 - - - 

Bearing capability factor φ - - 0.7 0.7 - - 0.8 0.89 0.89 
Calculated value from code N1 /KN 968 968 729 729 1044 344.5 834 314 314 

Tested value N2 /KN 1280 1284 787 790 1424 770 894 507 668 
N2 / N1 1.3 1.3 1.1 1.1 1.4 2.2 1.1 1.6 2.1 

 
The experimental results of compressive strength of standard specimens of composite 
concrete block masonry were listed in table 8. Here f1 and f2 are the average strengths of 
blocks and mortars separately. fm1 and fm2 are the average compressive strengths of test and 

calculated value of masonry separately. 1k is the factor of calculated value of average 

strengths in the code for masonry structure. The experimental results indicated that the 
average strength from test is bigger 50% than that of calculated value from code and the 

average factor value 1k is 0.704. So the calculated value from code is conservative. Based on 

the results, we suggest that 1k value may be taken a little bigger than one from code when the 

average compression strength of composite hollow concrete block masonry is calculated. 
Considering the discrete characteristic, quality of construction, and difference of making 
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members in actual situation, we suggest that:  1k =0.6.          

Table 8.   Compressive strength of standard composite masonry  

Specimens f1/MPa f2//MPa fm1/MPa fm2/MPa fm1/ fm2 1k  

Wc  6.25 7.78 5.86 3.70 1.584 0.732 
Wd 6.25 7.78 5.86 3.70 1.584 0.732 
We1 6.25 5.87 5.27 3.38 1.559 0.718 
We2 6.25 7.78 5.41 3.70 1.462 0.676 
We3 6.49 8.67 6.00 3.98 1.508 0.694 
We4 6.25 10.91 6.18 4.22 1.464 0.673 

 

CONCLUSIONS 
 
Based on the experimental results of masonry with composite hollow concrete blocks, the 
following conclusions can be drawn: 
 
Loading process of specimens subjected to axial compression force between construction of 
composite hollow concrete block masonry and that of the common hollow concrete masonry 
was similarity. The cracking of composite hollow concrete block masonry appeared first in 
the bearing layer and the compression failure mainly resulted from the load bearing failure. 
 
The tie bars in the masonry with composite hollow concrete blocks had better effects on 
displacements both of load bearing and protective layers. The ties could enhance the ultimate 
load for the axial compression and they improve either cracking or ultimate load for the 
eccentric compression. In addition, the ties restricted the deflection of the wall obviously and 
controlled the protruding of cover layer, restrained the block bulging and falling off, delayed 
the cracking of walls, enhanced the stiffness and integrity whole. So we suggest that the tie 
bars must be applied in the masonry with composite hollow concrete block, and ensure that 
the load bearing layer cooperate well with the polymer benzene and cover layer.   
 
The effect of longitudinal buckling and eccentricity on compression masonry with composite 
concrete block is accorded with current code for design of masonry structure well. 
Consequently, the calculated value using code is feasible. 

 

The average strength of composite concrete masonry calculated from code is less than that of 

test, the latter to the former ratio is 1.53，and the average factor value 1k is 0.704. So the 

calculated value from code is quite conservative. Based on the results, we suggest that 

1k value may be taken a little bigger than one from current code when the average 
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compression strength of masonry with composite hollow concrete block is calculated. 
Considering the discrete characteristic, quality of construction, and difference of making 

members in practice engineering, we suggest that:  1k =0.6.    
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SUMMARY 
 
The results of 27 interlocking grouted stabilised sand-flyash brick masonry specimens tested 
under low cycle fatigue loading are presented in this paper. Three cases of loading at 00, 450 
and 900 to the bed joints were considered. The brick units and masonry system developed by 
Prof. S.N. Sinha was used in present investigation. Eighteen specimens of size 500 mm x 700 
mm x 100 mm and nine specimens of size 500 mm x 500 mm x 100 mm were tested.  
 
Three minimum stress levels of 0, 0.25 and 0.50 times of average failure (peak) stress were 
considered. The specimens were tested between specified minimum and maximum stress 
level and member of cycles to failure were determined. The fatigue study presented here is 
limited to fatigue tests, in the range of approximately 6000 load cycles. It is observed that the 
effect of repeated compressive loading can cause reductions in the compressive strength of 
brick masonry as high as 24 percent of ultimate strength, for the range of tests considered in 
present study. 
 
 
KEY WORDS : Interlocking brick, grout, axial strain, fatigue loading, plastic strain. 
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INTRODUCTION  
 
The behaviour of brick masonry under uniaxial and biaxial compressive loading for 
monotonic conditions has been extensively investigated by numerous researchers (Atkinson 
and Noland 1983, Grimm 1975, Hamid and Drysdale 1981, Reddy and Gupta 2005, Walker 
1995, Worthing et al. 1992 over a long period of time. But many structures are subjected to 
various loads, that are repetitive, such as loads due to earthquake, wind, water waves and live 
load fluctuation. Masonry wall panels subjected to repeated and reversed in-plane lateral 
loads indicate that the reduction in strength and stiffness occur with successive cycles of 
loading (Abrams et. al 1985, Naraine and Sinha 1989, Milad and Sinha 2000, Senthivel and 
Sinha 2003, Singh and Sinha 2004, Maqsud and Sinha 2006). However, very little studies has 
been conducted on the behaviour of masonry under compressive repetitive loading.  
 
Cyclic compressive tests of brick masonry prisms subjected to varying amount of sustained 
and alternating stress levels indicate reduction in compressive strength as large as 30 percent 
of the static compressive strength (Abrams et al. 1985). The reductions in strength is 
influenced by mortar strengths, the amplitude of the alternating stress and the number of 
loading cycles. The fatigue process begins with the accumulation of damage at a localised 
region due to alternating loads, which eventually leads to formation of cracks and their 
subsequent propagation. Once the cracks have initiated they may grow as a result of further 
cyclic deformations. The fatigue behaviour of clay bricks has been investigated by Naraine 
and Sinha (1989) and found that the compressive strength of masonry reduced as low as 75 
percent of the ultimate strength.  
 
A sizable amount of research has been conducted on the behaviour of concrete under 
repetitive fatigue loadings (Shah and Chandra 1970, Raju 1970, Joseph 1963, Nordyby 1958, 
Shah and Winter 1983, Fardis et al. 1983, Yang et al. 1985, Peiyin et al. 2004). The S-N 
curve shows the relationship between the applied fatigue stress and the fatigue life of 
concrete (Karsan and Jirsa 1969, Sawko and Saha 1968, Hsu 1981, Rilem Committee 1984 
and ACI Special Publications 1988).  
 
Repeated compressive loading can result from significant fluctuation in live load intensity, 
especially if live load is the dominant gravity load. The effect of repeated compressive 
loading is particularly applicable to brick masonry structures having a large live load to dead 
load ratio. The masonry piers of a bridge is a good example of fatigue loading on the brick 
masonry. Since the dead load remains always with the structure and only fluctuation of live 
load takes place. It is important to study the fatigue behaviour of material considering it is 
initially loaded with permanent loads. Hence in this study a low cycle fatigue loading is 
performed to, two more unloading stress level other than unloading to zero stress level. 
 
Fatigue behaviour of interlocking grouted stabilised sand-fly ash brick masonry under 
repetitive compressive loading has been presented in this paper. The number of cycles to 
failure is determined for various maximum and minimum stress levels considered. The study 
is limited to fatigue tests in the range of approximately upto 6000 cycles for three cases of 
loading at 00, 450 and 900 to the bed joints. 
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EXPERIMENTAL PROGRAM 
 
 
Test Specimen 
 
Brick masonry specimens have been constructed from interlocking grouted stabilized sand-
fly ash bricks of size 200 mm x 100 mm x 100 mm (Figure 1) developed by Prof. S.N. Sinha 
(2002). The square and rectangular specimens that were made of these bricks measured 500 
mm x 500 mm x 100 mm and 500 mm x 700 mm x 100 mm respectively. The composition of 
brick units, grout and their compressive strength and standard deviation are given in Table 1, 
based on a test of 52 brick units and 48 mortar cubes. 
 

 
Table 1 : Properties of Interlocking Bricks and Grout 

 
Type of material Mix proportion by weight Water 

cement 
ratio 

Mean 
compressive 

strength,  
(N/mm2) 

Standard 
deviation, 
(N/mm2) 

Interlocking stabilized 
sand-fly ash brick 

0.60 Coarse sand : 
0.25 Fly ash : 0.15 Cement 

0.55 22.1 1.53 

Grout Cement + Non-shrink material 
@0.50 lb per 110 lb of cement 

(@225 gm per 50 kg of cement) 

0.40 38.30 4.25 

 
Test specimens were made by the method developed by Prof. S.N. Sinha for interlocking 
bricks in stretcher bond. Layers of bricks were dry stacked without any mortar between them. 
Each masonry unit has both a projection and a depression on its horizontal and vertical faces. 
The depression is 6 mm and projection is 3 mm. When one brick is laid beside another, then 
the projection on one unit fit into the depression on other, leaving a gap of 3 mm. This gap is 
created around four faces of bricks. Then the cement grout was poured into the joints from 
the top, which spread all over and provided adequate bond. It facilitated construction work 
considerably. Three 70 mm grout cubes (control specimens) were also made for each test 
specimen to determine the compressive strength of the grout. The test specimens were built 
on 20 mm thick aluminum plates and cured under damp conditions along with the control 
specimens by covering them with wet jute sacks for 28 days. All test specimens were leveled 
and capped with gypsum plaster before testing.  
 
 
Loading Arrangement 
 
Hydraulic servo controlled compression testing machine of 4000 kN capacity was used for 
testing the specimens. Test specimens were placed between the platen of machine at the 
bottom and load cell of 4000 kN at the top. Teflon sheets of 10 mm thickness were used on 
the two bearing surfaces of each test specimen to minimise the effect of platen restraint. The 
general loading arrangement and test set up are shown in Figure 2. 
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Fig. 1 : Interlocking Brick Fig. 2 : Loading Arrangement and 

Text Set Up 
Fig. 3 :  Arrangement of LVDTs 

and Loading Direction 
 
 
Instrumentation 
 
The interlocking grouted stabilised sand-fly ash brick masonry specimens were instrumented 
for the measurement of axial and lateral displacements along fixed gauge lengths, using linear 
variable displacement transducers (LVDTs) on both sides of specimen. The gauge lengths for 
axial and lateral displacements were 350 mm and 250 mm respectively. Prior trials of 
different positions of LVDTs and gauge lengths indicate that the position of the LVDTs as 
shown in Figure 3 was the most appropriate. All LVDTs and load cell were connected to data 
acquisition system, whereas the displacements and loads were recorded. Number of cycles 
were also monitored from on-line display of displacement and load on monitor for each load 
cycle. 
 
 
Test Procedure 
 
Tests on the interlocking grouted stabilised sand-fly ash brick masonry specimens were 
conducted for three cases of loading at 0

0
, 45

0
 and 90

0
 with bed joints. Repeated axial 

compressive loadings between specified maximum and minimum stress levels were carried 
out to determine fatigue life and to examine the failure mechanism of the specimens. Each 
specimen was loaded in the first cycle to prescribed value of minimum and maximum stress 
level. The axial strains observed in first cycle of loading were ranging from 1.40x10-3 to 
2.70x10-3. The applied stress corresponding to the axial strain in first cycle of loading, 
quantified as the maximum and minimum stress levels and were ranging from 76 to 98 
percent of the average ultimate strength.  
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The minimum stress level was fixed at 0, 25 and 50 percent of the average ultimate strength 
for each case of loading. Tables 2 to 4 give the details of maximum and minimum stress 
levels for specimens loaded at 0

0
, 45

0
 and 90

0
 to bed joints respectively for all the specimens 

tested. The maximum and minimum stress levels are normalised with average ultimate failure 
stress for each case of loading. From the experimental results, the average ultimate strength 
σm, for the specimens loaded at 00, 450 and 900 to bed joints were 12.11, 7.83 and 13.92 
N/mm2 with a standard deviation of 0.65, 0.45 and 0.28 N/mm2 respectively. The value of 
axial compressive strain attained in the first cycle of loading, is normalised with respect to εm, 
the average axial strain when the peak stress is attained on the envelope stress-strain curve. 
The normalised axial strain attained in first cycle of loading is denoted as εi. From the 
experimental results, the average axial strain corresponding to peak stress for specimen 
loaded at 00, 450 and 900 to bed joints were 3.0x10-3, 1.72x10-3 and 2.75x10-3 with a standard 
deviation of 1.36x10-4, 0.54x10-4 and 1.0x10-4 respectively. 
 
 
TEST RESULTS AND EVALUATION 
 
 
Failure Characteristics 
 
Failure and crack initiations of interlocking grouted stabilised sand-fly ash brick masonry 
specimens varied for different load cases. For specimens loaded at 0

0
 to bed joints, failure 

occurred by splitting in vertical bed joints. The splitting initiates at free edges and gradually 
propagates towards the center of panel. Thereafter, the separated fragments of specimens 
behave like individual compression members. The failure mode were similar to the observed 
under monotonic loading. 
 
In case of specimens loaded at 45

0
 to bed joints, partial bond failures in joints were 

accompanied by splitting of bricks. For the specimens loaded at 900 to bed joints, cracks 
initiated at bed joints and later developed through the brick units. Failure in this case occurred 
by mechanism which usually involved a combination of unit failure and joint failure. Failure 
modes of specimens observed during experimental investigations are shown in Figure 4. 
 

 
 
 

For each combination of maximum and minimum stress level considered, the number of 
cycles to failure, Nf, are given in Table 2 to 4 for specimen loaded at 0

0
, 45

0
 and 90

0
 to bed 

Fig. 4 : Modes of Failure 
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joints respectively. Failure of the interlocking grouted brick masonry specimens were 
characterised by the rapid increase of axial strain with increasing number of load cycles. For 
the range of tests considered, failure occurred at axial strain between 5x10-3 to 6x10-3 for 
specimens loaded at 0

0
 and 900 to the bed joints, whereas failure occurred at axial strain 

between 3.0x10-3 and 3.5x10-3 for specimens loaded at 45
0
 to the bed joints. 

Table 2: Values of εi, σmin, σmax and Nf (θ=0
0
) Table 3: Values of εi, σmin, σmax and Nf (θ=45

0
) Table 4: Values of εi, σmin, σmax and Nf (θ=90

0
) 

Specimens εi σmax σmin Nf Specimens εi σmax σmin Nf Specimens εi σmax σmin Nf 

P1S 0.66 0.95 0.0 21 F1S 0.78 0.96 0.0 7 N1S 0.66 0.96 0.0 23 

P2S 0.58 0.87 0.0 213 F2S 0.67 0.89 0.0 72 N2S 0.60 0.88 0.0 253 

P3S 0.44 0.77 0.0 4910 F3S 0.59 0.76 0.0 1641 N3S 0.48 0.80 0.0 4512 

P4S 0.70 0.96 0.25 17 F4S 0.84 0.97 0.25 4 N4S 0.71 0.97 0.25 19 

P5S 0.61 0.88 0.25 224 F5S 0.72 0.90 0.25 57 N5S 0.63 0.90 0.25 141 

P6S 0.48 0.79 0.25 4510 F6S 0.63 0.78 0.25 1581 N6S 0.51 0.81 0.25 6112 

P7S 0.75 0.98 0.50 14 F7S 0.89 0.98 0.50 3 N7S 0.75 0.98 0.50 15 

P8S 0.64 0.89 0.50 237 F8S 0.77 0.92 0.50 33 N8S 0.66 0.92 0.50 133 

P9S 0.51 0.81 0.50 4367 F9S 0.66 0.80 0.50 1476 N9S 0.55 0.82 0.50 4947 

Typical experimental fatigue stress-strain curves are shown in Figures 5 to 7 for three levels 
of σmin considered. From these curves failure is characterised by a rapid increase of axial 
strain with increasing number of cycles of loading and unloading. The increase of axial 
compressive strains with the number of cycle is shown in Figures 8 to 16 for the three levels 
of σmin considered. In these figures, the axial strain is normalised with respect to εm (i.e. axial 
strain corresponding to peak stress). It is denoted by ε. At high values of εi the increase of 
axial strain with the number of load cycles remained approximately linear. At lower values of 
εi, the increase of axial strain with the number of load cycles was initially high, followed by 
relatively lower rate of increase of strain with the number of load cycles and finally by a 
rapid increase of strain near the failure. 
 
From Tables 2 to 4, it can be observed that reduction in the strength is as high as 24 percent 
of the ultimate strength. Similar reduction in strength were also observed by Naraine and 
Sinha 1989 and Abrams et al. 1985. The tests conducted by Naraine and Sinha 1989 were on 
clay bricks of strength 13.1 N/mm2 and number of load cycles were limited to 2000 cycles. 
Whereas, the tests conducted by Abrams et al. 1985 were done on brickwork of considerably 
higher strengths varying from 30.75 N/mm2 to 18.75 N/mm2 and load cycles were limited to 
180 cycles. 
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The data listed in Tables 2 to 4 are presented graphically in Fig. 17. The graph of εi versus log 
Nf suggest a linear variation for each level of σmin, for the range of εi considered. It is also 
observed that for a given value of εi, the number of cycles to failure significantly increases as 
the value of σmin increases. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

 

 

  

Fig. 17 : εi versus Log Nf Fig. 18 : σmax versus Log Nf 
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The relationship between σmax and Log Nf is presented in Figure 18 for all three cases of 
loading. It is observed that the number of cycles to failure increases as σmax is decreases for 
each load case and each minimum stress level considered. 
 

 
Plastic Strain 
 
The relation between non-dimensional plastic (residual) strain, εr at unloading to σmin, versus 
the non-dimensional axial strain, ε at the maximum stress level for all three cases of loading 
is shown in Figure 19. The strains are normalised with respect to εm. For σmin equal to 0.25 
and 0.50, the variation of εr with ε can be represented by a linear equation as:  
 
εr = bε + c                       (1) 
 
For σmin equal to zero, the variation of εr with ε can be represented by second order 
polynomial equation as: 
 
εr = aε2 + bε + c           (2) 

 
where 
εr  =  Non-dimensional plastic strain 
ε  =  Non-dimensional axial strain 
a, b, c  =  Equation’s constants whose values are given in Table 5 for all cases of 

loading. 
 

 

 

  

 
Fig. 19 : εr versus ε 
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Table 5 : Values of Coefficients for Plastic Strain 
 

Bed Joint 
Orientation, θ 

θ=00 θ=450 θ=900 

σmin a b c ic a b c ic a b c ic 

0 0.0709 0.7437 -0.3281 0.9554 0.1236 0.6816 -0.2492 0.9906 0.8000 0.5593 -0.2627 0.9901 

0.25 - 0.8826 -0.1923 0.9885 - 0.9737 -0.2953 0.9731 - 0.8544 -0.1580 0.9942 

0.50 - 0.9145 -0.1359 0.9733 - 0.9958 -0.1544 0.9539 - 0.9348 -0.0638 0.9888 

 
The analytical curves between plastic strain and normalized axial strain are plotted in Figure 
19 for each three cases of loading and degree of fit of these curves with experimental data are 
in the range of 0.95 to 0.99, which is a good agreement between analytical curves and test 
data. The values of plastic strain associated with σmin equal to 0.25 and 0.50 are significantly 
higher than the values of plastic strain when unloading is done to zero stress level. This 
phenomenon may be explained by considering the shape of a typical unloading curve. A 
typical unloading curve initially exhibits higher stiffness at the beginning of unloading. The 
slope of the unloading curve gradually decreases as unloading is continued. The unloading 
curve considerably softness at low stress levels. Then it is being pulled inward and terminates 
at zero stress level. 
Lateral Strain 
 
The axial strain versus lateral strain curves obtained for the various maximum stress levels 
considered are shown in Figures 20 to 21 for tests conducted at each of the three levels of 
σmin. A large variation in lateral strain at higher levels of axial strain is observed for all three  
 
cases of loading. The formation of cracks which varied in sizes and numbers in the brick 
masonry assemblage can be attributed to the large variation of lateral strain with axial strain.  
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CONCLUSION 
 
Based on experimental study conducted on interlocking grouted stabilized sand-fly ash brick 
masonry under fatigue loading, following conclusions are made: 
 
1. The compressive strength of interlocking grouted stabilised sand-fly ash brick 

masonry reduced upto 24 percent under repeated compressive loading for the range of 
tests considered. 

 
2. A linear relation between εi and Log Nf is obtained for each level of σmin, for the 

range of εi considered. It is also observed that for a given value of εi, the number of 
load cycles to failure significantly increases as the value of σmin increases. 

 
3. The relationship between σmax and Log Nf is also linear and showed that number of 

load cycles increases as the value of σmax is decreases for all three cases of loading. 
 
4. At the high value of εi, the increase of axial strain with the number of load cycles 

remained approximately linear. At lower values of εi, the increase of axial strain with 
the number of load cycles was initially high, followed by a relatively lesser rate of 
increase of strain with the number of load cycles and finally a rapid increase of strain 
near failure. 

 
5. The plastic strain in the material with σmin equal to 0.25 and 0.50 were significantly 

higher than the values of plastic strain when unloading was done to zero stress level. 
 
6. A large variation in lateral strain at higher levels of axial strain was observed. This 

large variation can be attributed to formation of cracks which varied in numbers, sizes 
and locations. 
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SUMMARY 
 
Z-shaped shear specimen and test method to determine masonry shear bond strength by 
torsion are presented. 
 
INTRODUCTION 
 
Shear bond strength of masonry, fvk, has been shown to be a function of number of factors. 
These include block properties such as strength, surface roughness, sand particle size 
distribution, moisture content of mortar, normal precompression stress, and the workmanship 
which is often crucial (Hendry and Khalaf 2001; Sinha 1967). Another important factor is the 
intrusion of mortar into the blocks, especially if highly porous concrete blocks are used 
(Hamid and Drysdale 1980; Riddington and Jukes 1994). 
 
Hamid and Drysdale (1980) tested masonry prisms with angled joints to study shear 
behaviour. The whole specimen can be tested at an angle relative to the loads or a smaller 
specimen can be cut from a specimen constructed with horizontal bed joints so as to produce 
the effect of angled bed joints. Typical specimens are shown in Figure 1. The authors showed 
that the behaviour of walls under shear loading is a compound of failure events, and as a 
result the behaviour of mortar joints is obscured. 
 

 

M ortar joint 

(c) Prism  (d) W alls with angled courses

(a) Racking shear loads (b) Original wall 

Segments of wall after cutting 

 
 

Figure 1. Test Set-up Adopted to Study Masonry Shear behaviour 
(Hamid and Drysdale 1980) 
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Previous works (Hendry 1998; Stöckl and Hofmann 1988) showed that for precompression 
stress levels below approximately 2.0 N/mm2, the relationship between the characteristic 
shear bond strength, fvk, characteristic initial shear strength under zero compression stress, fvko, 
and precompression stress, σd, could be adequately expressed by a Coulomb type equation 
(1): 
 
fvk = fvko + μ σd          (1) 
 
BS EN 1996-1-1 (2005) “Eurocode 6: Design of Masonry Structures”, suggested determining 
the values of fvko and the coefficient of internal friction, μ, for bed joints from triplet test with 
precompression (Figure 2) in accordance with BS EN 1052: Part 3 (2002). However, if test 
data is not available, the value of fvko can be obtained from specified values provided in a 
table. From fvko the value fvk is derived using equation (1) above. Eurocode 6 suggested that μ 
used is 0.4 for all kinds of masonry unit and types of mortar used and the value of fvk in 
equation (1) should not be greater than 0.065 fb or fvlt. Where fb is the normalised compressive 
strength of the masonry units for the direction of loading and fvlt is a limit to the value of fvk. 

 

Mortar joint 
F

Precompression 

Strawboard, soft board or
gypsum plaster  

I-section steel beam Saw cut face 

F/2F/2

 
Figure 2. Triplet Test Set-up Adopted by BS EN 1052: Part 3 (2002) 

 
The testing of triplet specimens requires careful set-up of heavy specimens and shearing of 
two unit/mortar interfaces. Since triplet specimens are loaded at four points, it is not clear 
how many unit/mortar interfaces will fail simultaneously. It was assumed in the triplet test 
that two interfaces would fail at the same time. This is not the case since usually only one 
interface fails first, followed by complete disintegration of the specimen. This is due to the 
inherent variations in workmanship and materials. Additionally, the setting up and loading of 
a triplet specimen certainly induces eccentricity in the specimen resulting in an uneven type 
of failure. Therefore, it is more conservative to derive the value of fvko by dividing the failure 
load by the area of two interfaces. Clearly if the values for fvko and μ used in design were 
more closely related to the actual shear bond strength of masonry more economical designs 
are produced. 
 
The test method presented in this paper is based upon some of the principles given above and 
on work carried out by the same author on brickwork specimens and published in 1995 
(Khalaf 1995). 
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EXPERIMENTAL PROCEDURE 
 
Materials Used in Construction 
The materials used in the construction of the specimens included one type of concrete block 
and four types of mortar, 1:2:8, 1:1:6, 1:½:5 and 1:¼:3 (cement (C): lime (L): sand (S) 
proportions by volume). The blocks were 214 x 120 x l00 mm with a compressive strength of 
7 N/mm2. The source blocks were cut with a rotating diamond saw to the size of a common 
clay bricks (214 x 102 x 65 mm). Two cut units were bonded together by either a circular or a 
rectangular mortar joint. The four types of mortar used were as recommended by the British 
Masonry Standard BS 5628: Part 1 (2005) for the construction of masonry walls. The reason 
for choosing these mortar types is to study the effect of changing mortar proportions and 
strength on the shear bond strength. In all cases the workability was keep constant at a 
medium level within one mix and also for all other mixes of mortar used. For each batch of 
mortar type used in the construction of the specimens six 100 mm cubes were cast to 
determine the compressive and splitting strengths of mortar. Mortars properties and joint 
types used in the construction of the shear specimens are summarised in Table 1. 
 
An additional number of units were cut from the blocks in such a manner as to allow the cut 
faces to be bonded together. These specimens were bonded with 1:¼:3 mortar to produce the 
circular and rectangular joints. 
 
Table 1. Mortar Types, Properties and Shapes Used in Constructing the Z-shaped Specimens 

 
 

Mortar type 
(C:L:S) 

 
Mortar compressive strength 

(N/mm2) 

 
Mortar splitting strength 

(N/mm2) 

 
 

Joint shape 
Rectangular 1:2:8 3.8 0.28 Circular 
Rectangular 1:1:6 4.5 0.37 Circular 
Rectangular 1:½:5 8.0 0.76 Circular 
Rectangular 

Circular 
Rectangular (cut face) 1:¼:3 

 
15.4 

 

 
1.97 

 Circular (cut face) 
C:L:S = Cement: Lime: Sand mortar mixed by volume. 
 
Construction of Z-shaped Shear Specimens 
The test specimens were composed of two block units laid flat and connected by a mortar 
joint in a Z-shaped configuration (Figure 3). The circular mortar joints were constructed using 
a plastic ring 10 mm thick, thus allowing a circular mortar bed joint of 90 mm inner diameter 
and 10 mm thick to be formed. The plastic ring acts as a form whilst laying one block on top 
of the other (Figure 3). A piece of timber was used to support the top block and to align the 
specimen during construction. A weight of 5 kg was placed on top of the specimens after 
construction to reduce cracking, achieve consistency, and to simulate load from the top 
courses in actual construction. The timber trimmer and the 5 kg weight were left in place for 5 
days to allow the mortar to gain strength before removal. During these 5 days the specimens 
were covered with polythene sheeting for curing. On removal, the author noticed that there 
were no shrinkage cracks on the specimens. The specimens were then left for additional 21 
days to cure under ambient laboratory conditions at a temperature of 17oC and a relative 
humidity of 38% before testing in 28 days from construction. 
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(All dimensions are in mm) 

10 mm Mortar 
joint 

107

214214 

Plan view Elevation 

102

Location of mortar 
joint (hidden) 65 107 Wooden 

support 

Wooden support 

 
 

Figure 3. Example of the Method Used in Constructing the Z-shaped Shear Specimen 
(Circular Mortar Joint) 

 
Testing of Z-shaped Shear Specimens and Theory Used to Determine fvko  
Five specimens of each block/mortar combination were constructed and tested at 28 days of 
curing. Figure 4 shows the loading and support arrangement used for testing the specimens. 
Dental plaster was used as a packing material and 10 mm square steel bars were used at all 
loading and supporting points. The reason of using dental plaster was to eliminate the uneven 
surfaces of block at these points. Once the dental plaster was hardened, the specimens were 
loaded to failure by applying displacement at a rate of 1 mm/min. 
 

d = 150 mm d = 150 mm

Front view

 
c

c

65 m m 

102 mm

10 mm Thick circular 
mortar joint (hidden) 

Dental plaster packing 150x10x10 mm Steel bar 

90 m m Inner diameter 
plastic ring (hidden) 

P

75x10x10 mm Steel bar 

107 m m107 m m107 mm 

Block 

Top view

c

 
 

Figure 4. Load and Support Arrangements for Testing the Z-shaped Shear Specimens 
 
The Z-shaped specimen is a simply supported loaded at mid span. The loading subject the 
specimen to shear and bending stresses. At ultimate load these stresses reach their maximum 
values and the Z-shaped specimen could fail by shear or bending. But due to the way the 
specimen was constructed whereby the only medium connecting the two blocks together is 
the mortar joint the maximum moment about Point c, which termed in this paper as torque 
(T), would move from Point c to Point t and a new torsion mode of failure (Figure 5) is 
created which breaks the bond between one of the blocks and the mortar joint by torsion shear 
stresses. 
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Figure 5. Observed Torsion Mode of Failure 

 
Based on the torsion mode of failure a free body diagram (Figure 6) for the top block at the 
start of loading was drawn showing the applied load (P + 2W), weight of block (W), reaction 
force at support (P/2 + W), to the right hand side under steel bar), resultant of shear stresses 
across the mortar joint (P/2+ 2W), to left hand side under mortar joint), and the resultant of 
moment about Points c or t (torque T). At the start of loading, the torque T rotates around the 
centre of the mortar joint (Point c), but at failure the torque moves to Point t. Based on this the 
value of fvko was calculated using the theory of torsion for a circular shaft (Stephens 1982) and 
given by equations (2-6): 

   

54 d = 150

P+2W 

102

P/2+W 

All dimensions are in mm 

t
cT

P/2+2W 

W53

 
Figure 6. Free Body Diagram for Top Block 

 
Density of concrete (ρ) = 2400 Kg/m3 
Volume of one block (V) = 0.214 x 0.102 x 0.065 = 0.00142 m3 
Mass of one block (M) = 2400 x 0.00142 = 3.41 kg 
Weight of one block (W) = 3.41 x 9.81 = 33.45 N 
 
The torque (T) about the centre of the circular mortar joint (Point c), at the start of testing, 
moves to Point t at failure is given by: 
 

⎥⎦
⎤

⎢⎣
⎡ +=⎥

⎦

⎤
⎢
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⎡
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⎠
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⎜
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   T       (1) 

 

Torsion mode of failure 
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P

t
c

t
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The polar second moment of area about Point c (Jc) is given by: 
 

  ⎥
⎦

⎤
⎢
⎣

⎡
=

2

4RJc
π            (2) 

 
Since at failure, the torque moves to Point t, the polar second moment of area about Point t 
(Jt) is given by: 
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Since, the section modulus of a circular area about Point t (Zt) is given by: 
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Therefore, the initial shear bond strength, fvko, including the blocks self weight, is given by: 
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And the initial shear bond strength, fvko, without the blocks self weight, is given by: 
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        (6) 

 
Where: 
d = Distance between the applied load and support (for specimens tested d = 150 mm). 
P = Applied load (N). 
R = Radius of circle (for specimens tested R = 45 mm). 
 
Example of Calculation 
In order to show the differences between the values of fvko with and without including the 
blocks self weight, this example was carried out for a specimen with circular mortar joint built 
with 1:2:8 mortar:  
 
Failure load (P) = 2505 N 
fvko with blocks self weight = 0.445 N/mm2 ≈ 0.45 N/mm2 

fvko without blocks self weight = 0.438 N/mm2 ≈ 0.44 N/mm2 
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As can be seen, that including the blocks self weight has minor effect on the value of fvko, 
therefore, to simplify calculations and to produce conservative designs, the weight of the 
blocks should be ignored in calculation. 
 

Test Method and Apparatus Used to Determine μ 
Figure 7 shows the simple sliding apparatus used to determine the coefficient of external 
friction, μ. This is a simpler version of an apparatus used by Riddington and Jukes in 1994. It 
consists of a wooden base and a steel plate hinged together at one end. To find μ the steel 
plate must be inclined first and supported by a wooded block. A failed specimen is then 
placed on the inclined steel plate and the inclination increased gradually until slip occurs. The 
piece of wooden block was then moved to support the inclined steel plate in its final position. 
Finally, the angle of inclination is measured using a protractor and the coefficient of external 
friction, μ, was determined by taking the tangent of this angle. 
 

Block

Steel block fixed 
to steel plate 

φ

Block

Steel plate
10 mm Thick mortar 
joint 

Wooden block to 
change the angle

Wooden base

 
 

Figure 7. Apparatus Used to Determine the Coefficient of External Friction 
 
Although, this test measures the coefficient of external friction, it had been found that this 
value gives a good indication as to the value of the coefficient of internal friction (Riddington 
and Jukes 1994). 
 
RESULTS AND DISCUSSION 
 
Effect of Joint Type and Mortar Strength on fvko 
Table 2 shows the experimental results obtained for all the specimens tested in this 
investigation. The table shows little difference in the initial shear bond strength, fvko, observed 
between the circular-jointed and the rectangular-jointed specimens. The reason may be due to 
the small difference in area between the two types of joint, which means that the contribution 
to shear bond strength of the extra area resulted from using rectangular joint, is very small and 
almost negligible. Therefore using simple rectangular mortar joint instead of circular joint 
should be adopted in the construction of the Z-shaped shear specimens. Using rectangular 
joint makes the process of construction easier and quicker since there is no need for plastic 
ring to be placed between the two blocks. 
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Table 2. Results of Testing Z-shaped Shear Specimens Using Equation 6 (Means of 5) 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

C:L:S = Cement: Lime: Sand mortar mixed by volume. 
C.V. = Coefficient of variation. 
Note: Test results from the sliding apparatus showed that there were no differences in the values of 
coefficient of external friction (μ = 0.87) for the four types of mortar used in the investigation. 

 
Figure 8 shows the initial shear bond strength, fvko, against mortar cube compressive strength 
for both types of joint. The figure highlights the small differences in the values of fvko between 
the circular-jointed and the rectangular-jointed specimens. It is also evident from the figure 
that increasing mortar compressive strength causes an increase in fvko. The average shear bond 
strength for both types of joints using a mortar joint of the 1:¼:3 mix is 0.53 N/mm2, 
compared to 0.44 N/mm2 for the 1:2:8 mix, an increase of 20.5%. The mortar strength was 
thought to affect block-mortar shear bond strength because of the better mechanical bonding 
between the two materials as a result of using stronger mortar. 
 
 

 
 
 
 
 
 
 
 

 
 
 
 
 
 

Figure 8. Initial Shear Bond Strength vs Mortar Cube Compressive Strength 
 
Similar relationships and conclusions were observed between the initial shear bond strength, 
fvko, and mortar cube splitting strength for both types of joint. 
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Rectangular 2505 0.44 7.3 1:2:8 Circular 2521 0.44 8.5 
Rectangular 2482 0.43 10.0 1:1:6 Circular 2545 0.44 17.1 
Rectangular 2773 0.50 8.1 1:½:5 Circular 2741 0.48 13.2 
Rectangular 3079 0.54 12.5 

Rectangular (cut face) 3385 0.59 12.8 
Circular 2937 0.52 11.6 1:¼:3 

Circular (cut face) 3293 0.58 17.3 

0.0 5.0 10.0 15.0 20.0

Mortar cube compressive strength (N/mm     2 )

0.5

0.7

0.9

1.1

1.3

1.5

In
iti

la
 sh

ea
r 

bo
nd

 st
re

ng
th

 (f   
vk

o) 
(N

/m
m

  2
)

Rectangular
Circular

fvko = 0.01 fm + 0.42 (Rectangular) (R2 = 0.88) 

fvko = 0.01 fm + 0.40 (Circular) (R2 = 0.90) 

Where fm is the mortar cube compressive strength 
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Initial Shear Bond Strength at Block Cut Face 
The results in Table 2 for the 1:¼:3 mortar mix, compare the initial shear bond strengths, fvko, 
of the specimens jointed by a mortar joint at the block cut faces. The table shows that the 
values of fvko for the rectangular-jointed specimens are 0.54 and 0.59 N/mm2 for the uncut and 
cut faces respectively. For the circular-jointed they are 0.58 and 0.52 N/mm2 for the uncut and 
cut faces respectively. The shear bond strength at a cut face appears to be slightly higher than 
that at an uncut face. The most likely explanation is that the cutting operation resulted in 
exposing the finer pores in the concrete and increasing the number of pores per square 
millimetre compared to the uncut faces. This on the other hand provides a better “key” for 
shear bond resistance. More tests to produce micrographs using an electronic microscope are 
needed to confirm this finding. 
 
Finally, the test results showed that there were no differences in the values of μ = 0.87 for the 
different types of mortar used in the investigation. 
 
CONCLUSIONS 
 
1. The results of testing showed that the proposed Z-shaped shear specimen and test method 

are capable of determining the values of fvko and μ for blockwork masonry bed joints. 
2. The investigation showed that the new proposed Z-shaped shear specimen offers many 

advantages to determine fvko. These are: easy to construct, light in weight, easy to set-up 
for testing, no eccentricity of loading effecting results, failure occurs in one interface, and 
test can be carried out on a large number of specimens to achieve reliable results. 

3. The test results and observations showed that failure occurred by shear at a single 
block/mortar interface rather than by shearing of two interfaces, as is the case with triplet 
specimen. 

4. The proposed specimen and test set-up reduce or even eliminate any eccentricities caused 
by the setting and loading procedures that have been shown previously to influence 
considerably the values of fvko and their coefficient of variation in triplet specimens. On 
the other hand the proposed specimen and test method produced more representative 
values for fvko and causes a noticeable reduction in the coefficient of variation. 

5. There appears to be little difference in the values of fvko between the circular-jointed and 
the rectangular-jointed specimens. It is therefore suggested that simple rectangular joints 
be adopted for the construction of the test specimens. 

6. The results showed that the initial shear bond strength, fvko, increases as the mortar 
compressive or tensile strength increases. 

7. From comparison of results where cut faces were bonded with those where uncut faces 
were used, it appears that the process of cutting exposed the finer pores in the concrete so 
the number of pores per square millimetre is higher than the uncut surface. This resulted 
in a better mechanical bonding between the two materials and consequently an increase 
in shear bond strength. 

 
Apart from its simplicity, the new proposed Z-shaped shear specimen and test method offers 
another advantage whereby the failed specimens can be reassembled and tested on a simple 
sliding apparatus to determine the coefficient of external friction, μ, which previous findings 
showed that it does give a good indication of the coefficient of internal friction. 
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SUMMARY 
 
This paper reviews the expressions provided by the 2002 and 2005 Masonry Standards Joint 
Committee (MSJC) design provisions for the calculation of tendon stress at nominal flexural 
strength of post-tensioned masonry walls.  The accuracy of the design provisions is investigated 
with 127 finite element analyses.  This study was motivated by questions that arose regarding 
accuracy when the MSJC 2005 tendon stress formulas, which were developed for moderately 
stocky or moderately slender (10 < h/t < 25) were applied to either very slender (h/t > 25) or very 
stocky (h/t <10) out-of-plane walls.  A new expression for predicting the tendon stress at nominal 
flexural strength for post-tensioned masonry walls is developed and verified.  The proposed 
equation applies to out-of-plane walls with a broad range of variables including aspect ratio, 
reinforcement ratio, magnitude of effective prestress, magnitude of external axial load, material 
properties, tendon restraint conditions, and support conditions.   
 
 
INTRODUCTION 
 
In strength design of masonry walls, nominal flexural strength is compared to required capacity 
under anticipated service loads.  If the calculated nominal flexural strength exceeds the required 
strength, the design should ensure safe sectional performance, even if overloaded [Drysdale et al 
1999].  Accurate prediction of tensile stress magnitude in the tendons at nominal flexural strength 
is crucial for accurate estimation of member strength. Although the use of bonded tendons is rare, 
the tendon stress can be found in this case using analyses that ensure strain compatibility with the 
surrounding masonry.  In the case of unbonded tendons, tendon stress at nominal flexural 
strength results from wall deformation between the tendon anchorages at the top and bottom of 
the wall.  Only out-of-plane loading of walls with unbonded tendons is discussed in this paper.  
 
The current masonry code provisions in the United States [MSJC 2005] are intended to ensure 
that post-tensioned masonry sections remain uncracked under service loads and avoid collapse 
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under ultimate loads.  The 2005 edition of the MSJC design provisions provides an updated 
version of the 2002 tendon stress formula and addresses both unrestrained and restrained tendons 
[MSJC 2005].  The updated version is based on work by Bean and Schultz [2003] who 
demonstrated that the 1999 and 2002 MSJC provisions did not always accurately predict the wall 
flexural strength when unbonded tendons were used, and that the predicted flexural strength 
could be overly conservative.  Based on these comparisons, modifications were made to the 
ultimate tendon stress and compression stress block depth formulas, and an additional equation 
estimating the effective depth of an unrestrained tendon at ultimate was proposed.  These 
changes, accepted into the 2005 MSJC Provisions, improved the overall accuracy of flexural 
strength calculations for out-of-plane walls with stocky or moderately stocky profiles [Bean and 
Schultz 2003, Bean 2003].    
 
The 2005 Masonry Standards Joint Committee design equation (Equation 1) for the tendon stress 
at ultimate strength is equivalent to the effective stress after all losses, fse (i.e., creep, shrinkage, 
elastic shortening, relaxation) plus an additional term dependant on the tendon restraint 
condition, χ , depth-to-span ratio, deff/lp, and the ratio of the ultimate force in the steel, fpuAps, to 
the ultimate strength in the concrete, f′mbdeff.   
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This study was motivated by questions that arose regarding accuracy when the MSJC 2005 
tendon stress formulas, which were developed for moderately stocky or moderately slender (10 < 
h/t < 25) were applied to either very slender (h/t > 25) or very stocky (h/t <10) out-of-plane walls. 
 
DATABASE FOR EQUATION VERIFICATION 
 
In order to study the accuracy of the current MSJC 2005 design provisions, finite element studies 
were conducted on simply supported walls containing both restrained and unrestrained tendons.  
Additionally, a few finite element studies on cantilever walls were conducted to investigate the 
impact of a different support condition on the increase in tendon stress.  The finite element 
modeling procedure was verified using existing experimental data (Bean Popehn 2007). 
 
Finite Element Data Set  
 
A total of 65 simply supported walls with restrained tendons and 42 simply supported walls with 
unrestrained tendons were modeled using DRAIN-2DX (Prakash, et al. 1993).   Twenty finite 
element studies were also conducted for cantilever walls with restrained tendons, where the walls 
were loaded out-of-plane with a lateral force applied at the top of the cantilever, as shown in 
Figure 1.  The FE formulation incorporated the effects of material nonlinearity, uncracked 
regions of the masonry, various load and restraint conditions, and solid and hollow cross-
sections.   
 
The single wythe walls investigated had aspect ratios (h/t) between 5 and 50 for the simply 
supported walls, and between 3 and 25 (he/t or kh/t) for the cantilever walls, where the effective 
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height factor, k, for a cantilever is 2.  Three types of steel tendons were considered, namely 105 
ksi (724 MPa), 130 ksi (896 MPa) and 234 ksi (1610 MPa) yield strengths with corresponding 
ultimate strengths of 125 ksi (862 MPa), 150 ksi (1035 MPa), and 270 ksi (1860 MPa), 
respectively.  These steel strengths correspond to high strength threaded bar (125 ksi (862 MPa)), 
high-strength prestressing bars such as the Dywidag and Williams bars (150 ksi (1035 MPa)), 
and high-strength strand (270 ksi (1860 MPa)).  The unbonded length of steel was assumed to be 
equal to the wall height in all cases.  The reinforcement ratios varied between 0.002 and 0.006. 
Four masonry compressive strengths were used, where these values represent typical strength 
ranges of both concrete block and clay brick (i.e., 2000 psi (13.8 MPa), 3,000 psi (20.7 MPa), 
4,000 psi (27.6 MPa), and 5,000 psi (34.5 MPa)).  In order to understand the influence of 
masonry compressive strength on tendon stress increase due to bending, a broad range of 
strengths were considered even though some of these strengths may exceed typical values.  Initial 
tendon stresses varied from 0.1fpy to 0.8fpy, and the external axial load varied between 0 and 15 
kips (66.7 kN) 
 

 
Figure 1.  Schematic of DRAIN-2DX Cantilever Model 

 
 
PREDICTING TENDON STRESS 
 
Using the database of finite element analyses of simply supported and cantilever walls, the 
accuracy of the 2005 MSJC tendon stress equation was investigated.  Additionally, the tendon 
stress from the finite element analyses was compared to values calculated using the MSJC 2002 
formula, (Equation 2 with units of pounds per square inch), where Equation 2 is equivalent to the 
British expression (BS 5628-2:2000) and differs from the Australian equation (AS 3700-2001) 
only by the 1.4 coefficient.     
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Investigation into Tendon Stress Equation Accuracy 
 
The finite element studies indicated that the majority of the walls reached a strain on the 
compression face of the masonry exceeding nominal crushing values (i.e., 0.0025 for concrete 
block and 0.0035 for clay brick [MSJC 2005]).  However, the maximum mid-height lateral 
deflection of the wall corresponding to the point when the crushing strain was attained varied 
greatly.  For instance, Wall B-10-0.18, a simply-supported stocky wall with an aspect ratio 
(height-to-thickness) equal to 10, reached a crushing strain and peak moment capacity at a mid-
height lateral displacement of 1.05 in. (26.7 mm).  On the other hand, Wall B-50-0.18, with an 
aspect ratio of 50, attained a crushing strain and peak moment capacity at a displacement of 12.3 
in. (312 mm).  On the basis of this observation, use of the crushing strain as the definition of 
nominal flexural strength was not deemed rational for all walls, particularly for slender walls.  
 
As an alternative to using the crushing strain, the nominal flexural capacity of the walls in the 
finite element studies was determined based upon a deflection limit.  The procedure for defining 
nominal flexural strength at deformations consistent with deflection limits is based on the notion 
that out-of-plane walls are seldom designed to undergo large inelastic deformations (i.e., 
consistent with the formation of plastic hinges).  As such, maximum flexural capacity is defined 
as the resistance that the wall is likely to exhibit under expected conditions rather than on the 
resistance it could develop if allowed to deform in an unrestricted manner.   
 
The MSJC provisions [2005] limit the horizontal mid-height deflection of a wall under service 
lateral and service axial loads to he/143 (i.e., 0.007he).  Since the MSJC Provisions do not address 
a deflection limit at nominal flexural strength, the deflection limit for service loads was amplified 
for loads at ultimate (Equation 3), assuming an effective load factor for wind loading (i.e., γe = 
1.6).  Using this limit, flexural strength comparisons of the 2005 MSJC (Equation 1) and 2002 
MSJC formulas (Equation 2) were made in the range of wall displacements consistent with MSJC 
deflection limits.   
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The predicted tendon stress at nominal flexural strength was compared to the results from the 
finite element analyses, where a ratio of calculated-to-finite element total stress Rf  is defined as 
the ratio of total stress calculated using the code formula (fps,calc = fse + Δfps,calc) to the total stress 
obtained from the finite element analysis (fps,fea = fse + Δfps,fea).  The effective tendon stress, fse, 
was identical for both of these cases.   
 
The tendon stress formula in the 2005 edition of the MSJC design provisions is generally 
conservative regardless of the tendon restraint condition and support condition (Figure 2a).  The 
average Rf was 1.01 (COV=0.11), 0.97 (COV=0.08), and 0.79 (COV=0.14) for the cantilever 
walls (FEA-C-R), simply supported walls with restrained tendons (FEA-SS-R), and simply 
supported walls with unrestrained tendons (FEA-SS-UR), respectively.    
 
The 2002 MSJC design provisions also provide conservative estimates of the tendon stress at 
nominal flexural strength (Figure 2b), but it is noted the variance is much higher.  The average Rf 
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was 0.69 (COV=0.27), 0.63 (COV=0.31), and 0.76 (COV=0.22) for FEA-SS-R, FEA-SS-UR, 
and FEA-C-R, respectively.   It is noted here that the MSJC 2005 formula provides a marked 
improvement over the 2002 MSJC expression through smaller variations and closer predictions.  
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a) MSJC 2005     b) MSJC 2002 

Figure 2.  Comparison of Prediction and FE Model Tendon Stress at Nominal Flexural Strength 
 
 
PROPOSED TENDON STRESS EQUATION 
 
A new expression was developed for calculating the tendon stress at nominal flexural strength for 
walls subject to out-of-plane loading.  This proposed formula is compared to finite element 
studies and is shown to be more conservative and have less variation over the range of variables 
in the finite element database than the MSJC 2005 formula. 
 
Development of Proposed Tendon Stress Equation 
 
The change in stress Δ fps for an unbonded tendon is a function of the total change in length, pδ , 
of the masonry adjacent to the tendon (Figure 3a).  This change in length produces an average 
change in strain psεΔ  that is constant over the length lp of the tendon. If the steel is assumed to 
have a linear, elastic stress-strain (constitutive) relation, then the change in tendon stress can be 
expressed with Equation 4. 
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The tensile deformation (i.e., extension) pδ  of the masonry adjacent to the tendon, accumulated 
over the length lp of the tendon, can be computed from the cumulative compression deformation 
(i.e., shortening) oδ  of the masonry along the compression face.  From proportionality of the 
deformation distribution in Figure 3a, the change in tendon stress can be expressed (Equation 5). 
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The British formula and the 2005 MSJC expression include an approximation by Phipps [1992] 
concerning compression shortening of the masonry after an observation made by Pannell [1969] 
of unbonded tendons in concrete beams.  He assumed the compression strain along the length of 
the member was concentrated over a portion of the length equal to the neutral axis depth c, and 
that the compression strain in this region was equal to the crushing strain cuε for the concrete.  
When applied to masonry flexural members, the crushing strain muε  for masonry is used, and 
shortening of the compression fiber is given by cmuo εδ = .  By defining the compression face 
shortening in terms of a shortening factor, Ψ , and the neutral axis depth, c , Equation 5 can be 
expanded to give Equation 6. 
 

( )cdeffmp −Ψ= εδ  (6) 
 

 
Figure 3.  Schematic of Assumed Tendon Deformation and Corresponding Sectional Response 

 
The neutral axis depth can be obtained from equilibrium of internal masonry compression (Cm) 
and prestressing steel tension (Tps) forces as depicted in Figure 3b.  In the British formula and 
2005 MJSC equation, the implicit compression stress block parameters for the masonry were 
α =0.5 and β =1.  It is proposed here that the MSJC Code stress block parameters stated in the 
2005 Provisions, (i.e., α = β  = 0.8) be used to define the neutral axis depth. 
 
If Equations 4, 5, and 6 are combined and simplified, the change in tendon stress reduces to 
Equation 7.  Note, external axial loads (including self-weight), Pv, were included in the definition 
of the neutral axis depth in the last term of Equation 7.  External axial loads were not included in 
British or MSJC 2005 expression because they are not a common occurrence in lightly loaded 
walls that can benefit from post-tensioning. 
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As noted earlier, maximum moment capacity was determined when the maximum deflection 
reached a specified limit, namely he/90.   Using the finite element database, a trendline was fit to 
the maximum compression strain at the extreme masonry fiber corresponding to this deflection 
limit. Using the compression strain and the results from the finite element studies, a trendline was 
determined for the inferred shortening factor, ψ, where values of the inferred shortening factor 
varied between 5 and 140 depending upon the wall height, width, masonry compressive strength, 
and the tensile force in tendons.  Combining the results of the masonry compression strain and 
the shortening factor, the result was a constant value equal to 0.03 [Bean Popehn 2007].   
 
The change in stress psfΔ  is the difference between the effective stress after losses fse and the 
tendon stress at ultimate moment capacity of the member fps, and this change is invariably an 
increase (Equation 8).  The term fps appears on both sides of Equation 8.  For simplification 
purposes, the British and the 2005 MSJC equations replaced fps in the bracketed term with the 
largest value allowed for tendon stress, namely 0.7fpu [Phipps 1992].  In the proposed formula, 
the numerator of the stress block is left in terms of fps.   
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The value of the modulus of elasticity of the steel (i.e., Eps = 29,000 ksi = 200 MPa) may be 
substituted into Equation 8 for simplification, as was done for the British and 2005 MSJC 
formulas.  However, in the proposed equation, this remains a variable to be supplied by the 
designer.  
  
 
Comparisons to the Finite Element Database 
 
The proposed expression (Equation 8) was used to calculate the increase in tendon stress, psfΔ , 
for the walls in the finite element database, and it was compared to the results from the finite 
element studies (Figure 4a).  For the simply supported walls with restrained tendons (FEA-SS-R), 
the proposed equation generally provides a conservative approximation to the increase in tendon 
stress documented in the finite element results.  A smaller variation is seen for the proposed 
formula: the average calculated-to-finite element ratio RΔf  was 0.88 with a standard deviation on 
the mean of 0.65 and a coefficient of variation of 0.74 (Figure 4a).  These values are an 
improvement on the MSJC 2005 (i.e., average = 1.02, standard deviation = 0.76, COV = 0.75) 
shown in Figure 4b. 
 
The MSJC 2005 also provides a conservative estimate of the increase in tendon stress for walls 
with unrestrained tendons, FEA-SS-UR, in Figure 4b.  The average fRΔ  was 0.45 (standard 
deviation = 0.09 and COV = 0.20).  However, using the proposed formula (Figure 4a), a better 
correlation to the finite element results is noted: the prediction for walls with unrestrained 
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tendons is still conservative with an average calculated-to-finite element ratio of 0.60 (COV = 
0.17).   
 

 

0.0

0.2

0.4

0.6

0.8

1.0

1.2

1.4

1.6

1.8

2.0

0 10 20 30 40 50 60

(h eff /t )

R
Δf

FEA-SS-R
FEA-SS-UR
FEA-C-R

Proposed  

0.0

0.2

0.4

0.6

0.8

1.0

1.2

1.4

1.6

1.8

2.0

0 10 20 30 40 50 60

(h eff /t )

R
Δf

FEA-SS-R
FEA-SS-UR
FEA-C-R

MSJC 2005

 
a) Proposed Equation    b) MSJC 2005 

Figure 4.  Comparison of Prediction and FE Model Increase in Tendon Stress using a) the 
Proposed and b) MSJC 2005 Expression 

 
The tendon stress increase predicted for the cantilever walls with restrained tendons using the 
2005 MSJC was acceptable (average RΔf = 1.02, standard deviation = 0.25, COV = 0.24), as 
shown in Figure 4b.  As seen in this figure, tendon stress increase in three walls was over-
predicted.  The proposed equation estimated a more conservative increase in tendon stress 
compared to the 2005 MSJC, and had an average fRΔ  equal to 0.88 with a coefficient of variation 
of 0.27. 
 
A comparison of the tendon stress at nominal flexural strength was also made using both the 
proposed formula (Figure 5a) and the MSJC 2005 expression (Figure 5b).  Both approaches 
provide reasonable approximations with only minor differences apparent between the two 
formulas.  This effect occurs because the change in stress, Δfps, is often a small component of the 
total tendon stress (fps), with the effective stress after losses (fse) dominating total stress.  The 
coefficients of variation of 0.08, 0.14, and 0.11 for the MSJC 2005 compare well with the values 
of 0.09, 0.12, and 0.10 for the proposed expression for FEA-SS-R, FEA-SS-UR, and FEA-C-R, 
respectively.  However, the proposed equation more accurately predicts the tendons stress for 
stocky walls (h/t < 10). 
 
Some tendon stress estimates, for both the MSJC 2005 and the proposed equation, are 
unconservative with Rf values above unity.  However, using the proposed formula, there are only 
four data points significantly above an Rf  value of unity (i.e., greater than 1.1) out of 127 walls 
(about 3%).  Three of these data points are stocky to moderately stocky (h/t < 30) cantilever walls 
with a low compressive strength of 2,000 psi (13.8 MPa).  The fourth point is a slender wall with 
a restrained tendon and an external axial load of 5 kip (22.2 kN).  
 
The most notable difference between the MSJC 2005 and the proposed equation is in the 
comparison of walls with unrestrained tendons.  The MSJC 2005 has a lower average Rf ratio, 
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0.79 compared to 0.84 using the proposed equation, and a higher coefficient of variation, 0.14 
compared to 0.12 using the proposed expression.   
 

 

0.0

0.2

0.4

0.6

0.8

1.0

1.2

1.4

1.6

1.8

2.0

0 10 20 30 40 50 60

(h eff /t )

R
f

FEA-SS-R
FEA-SS-UR
FEA-C-R

Proposed   

0.0

0.2

0.4

0.6

0.8

1.0

1.2

1.4

1.6

1.8

2.0

0 10 20 30 40 50 60

(h eff /t )

R
f

FEA-SS-R
FEA-SS-UR
FEA-C-R

MSJC 2005

 
a) Proposed Equation    b) MSJC 2005 

Figure 5.  Comparison of Prediction and FE Model Tendon Stress at Nominal Flexural Strength  
 
 
RECOMMENDATIONS 
 
This paper presents an equation for predicting the tendon stress at nominal flexural strength for 
post-tensioned masonry walls.  The equation was used to predict the tendon stress for simply 
supported and cantilever walls subject to out-of-plane loading.  This equation was shown to be 
generally conservative for a broad range of variables including the aspect ratio, reinforcement 
ratio, magnitude of effective prestress, external axial loads, material properties, tendon restraint 
conditions, and support conditions.   
 
The proposed formula offers one expression to predict the tendon stress for restrained and 
unrestrained tendons, as well as simply-supported and cantilever walls.  Assuming that prediction 
accuracy can be ensured, a single formula for stress in both restrained and unrestrained tendons is 
preferred because it leads to a simpler, and therefore more reliable, design procedure.  The 
proposed expression was developed based on out-of-plane finite element analyses, the latter 
which were verified with experimental wall tests.  The results from cantilever walls with low 
aspect ratios may give similar results to a shear wall, where the aspect ratio is also low and the 
applied loading is in-plane.   With further studies, it may be possible to extend the proposed 
formula for use with in-plane loading.     
 
 
NOTATION  
 
Aps  area of the prestressing steel 
b width of the cross-section 
c distance from extreme compression fiber to neutral axis 
deff    distance from the extreme compression fiber to centroid of tension  reinforcement 
Eps  modulus of elasticity of post-tensioned steel 
f′m  specified compressive strength of masonry 
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fse  effective stress in tendon after all prestress losses have occurred 
fps  tensile stress in prestressing tendon at nominal flexural strength 
fpu  ultimate tensile strength of prestressing steel 
fpy  tensile yield strength of prestressing steel 
he effective wall height 
lp unbonded length of prestressing steel 
n exponential term (i.e., 0.5) 
Pv  external vertical load producing axial compression on the masonry 
α  parameter used to define the magnitude of an equivalent rectangular stress   
 block 
β  parameter used to define the width of the equivalent rectangular stress block 
χ  parameter dependent upon restraint condition (i.e., 700,000 for laterally unrestrained 
 unbonded tendons, 1,000,000 for laterally restrained unbonded tendons) 

psεΔ  average change in axial strain of the prestressing steel 

max,sδ   maximum allowable mid-height lateral deflection at service 

max,uδ   maximum allowable mid-height lateral deflection at ultimate 

oδ  compressive deformation of the masonry along the compression face 

pδ  tensile deformation of the masonry adjacent to the steel 

mε  masonry compression strain 

eγ  effective load factor 
Ψ  compression shortening factor  
 
 
REFERENCES 
 
AS 3700-2001. (2001). “Masonry structures.” Standards Australia International, Sydney, NSW, 
Australia.  
 
Bean, J. R. (2003, January). “Experimental verification of the resistance of masonry walls under 
transverse loads.” M.S. Thesis, University of Minnesota, 140 pp.   
 
Bean, J. R. and Schultz, A. E. (2003, January). “Flexural capacity of post-tensioned masonry 
walls: Code review and recommended procedure”.  Post-Tensioning Institute Journal, V. 1, No. 
(1), pp. 28-44.  
 
Bean Popehn, J. R. (2007, August).  “Mechanics and Behavior of Slender, Post-Tensioned 
Masonry Walls to Transverse Loading.” Ph.D. Thesis, University of Minnesota, 281 pp.  
 
BS 5628-2:2000 (2000). “Code of practice for the use of masonry. Part 2: Structural use of 
reinforced and prestressed masonry.”  British Standards Institution, London, U.K. 
 
Drysdale, R. G., Hamid, A. A. and Baker, L. R. (1999).  Masonry Structures: Behavior and 
Design. Second Edition, The Masonry Society, Boulder, Colorado, 888 pp.   
 

Click here to searchClick here for table of contents



Masonry Standards Joint Committee. (2005). Building Code Requirements for Masonry 
Structures.  ACI 530-05 / ASCE 5-05 / TMS 402-05, American Concrete Institute, Farmington 
Hills, MI, American Society of Civil Engineers, Reston, VA, The Masonry Society, Boulder, CO.  
 
Pannell, F.N.  (March 1969).  “The ultimate moment of resistance of unbonded prestressed 
concrete beams.”  Magazine of Concrete Research, Vol. 21, No. 6, pp. 43-54. 
 
Phipps, M. E. (1992). “The codification of prestressed masonry design.” Proceedings of the 6th 
Canadian Masonry Symposium, Saskatoon, Saskatchewan, Canada, pp. 561-571. 
 
Prakash, V., G. H. Powell, S. Campbell. “DRAIN-2DX Base Program Description and User 
Guide.” Version 1.10, University of California, Berkeley, California, 1993, pp. 1-90. 

Click here to searchClick here for table of contents



OUT-OF-PLANE BEHAVIOUR OF FIBRE REINFORCED CEMENT COMPOSITE 
(FRCC) RENDERED DRY STACK CONCRETE MASONRY WALLS 

 
 

M. DHANASEKAR1 , W. HOLT2, M. FEROZKHAN3 AND R. DHANASEKAR3

 

1  Professor, School of Urban Development, QUT, Brisbane 4001, Australia. 
2  Principal Engineering Manager, Hanson Masonry, Brisbane 4207, Australia. 

   3  PG Student  CRE, CQU, Rockhampton 4702, Australia. 
  4 Senior Lecturer, CQU, Rockhampton, 4702, Australia. 

 
 
 
SUMMARY 
 
A dry stack concrete masonry (DSCM) walling system rendered with fibre reinforced cement 
composite (FRCC) is addressed in this paper.  Out-of-plane behaviour of this walling system 
due to lateral pressure loading was examined by fabricating and testing six full scale wall 
specimens.  All walls were 1400mm high; two of them were 900mm long and the remaining 
four were 1800mm long.  The walls spanned such that they either were subjected to vertical 
or horizontal bending.  The failure mode, moment capacity in horizontal and vertical bending, 
the ultimate pressure loading and the load-deflection behaviour of the walls are described.   
 
 
INTRODUCTION 
 
Masonry walls are vulnerable to out-of-plane bending.  As dry stack concrete masonry (DSCM) 
walls contain no mortar either in the bed joint or in the perpend joint, the dry stacked blocks are 
expected to rotate relative to each other during out-of-plane bending in a complex manner with 
the assistance of friction between the units.  To impart the tensile strength necessary to resist 
out-of-plane pressure loading and to prevent ingress of rain water to the interior, DSCM walls 
are rendered with fibre reinforced cement composite (FRCC).  The behaviour of DSCM walls 
rendered with FRCC under out-of-plane bending evaluated from experimental investigation is 
reported in this paper.  The ultimate bending capacity and the deformation behaviour of the 
DSCM walls are described and discussed.  Six composite walls made from blocks wrapped 
with the FRCC were constructed and cured within an environment controlled room (ECR) 
where the temperature and humidity were maintained at 20  and 

respectively to ensure minimal variability in FRCC.  These walls were subjected to 
lateral pressure loading and tested in two series of three walls each.  Strains were measured on 
the tension face of each wall and the deflections were recorded for the walls tested in the 
second series.  The walls exhibited highly improved out-of-plane bending capacity due to 
FRCC rendering associated with sudden noisy failure.  However, after failure the wall as a 
whole and the dry stack blocks remained contained within the FRCC wrapping. 

3C ±o oC
60% 5%±

 
 
LITERATURE REVIEW 
 
Dry stack masonry is not a new concept; therefore, a comprehensive review is beyond the scope 
of this paper.  Only papers relevant to the experimental testing of dry stack walls are reviewed. 
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Most of the relevant papers cover seismic retrofitting using factory made fibre composite tapes.  
As such no paper was found on walls that are built with site manufactured FRCC rendering. 
 
Early work of Hamid et al (1993) and the most recent work of Mosallam (2007) consistently 
illustrate the enormous gain in capacity associated with reduced ductility/ brittle failure of 
masonry walls.  Ehsani and Saadatmanesh (1996), however, reported improved ductility of un-
reinforced masonry (URM) walls retrofitted with fibre composites on tension side only based 
on testing of six walls.  Griffith et all (2001, 2004) reported static and dynamic test data of full 
scale unreinforced/ un-retrofitted clay brick masonry walls and concluded that the masonry 
walls could be designed using displacement based philosophies.  Hamoush et al (2002) reported 
data from 18 walls tested under out-of-plane displacement controlled line loading.  Air bags 
were used in the testing of walls by Ehsani and Saadamanesh (1996), Griffith et al (2001), 
Hamilton and Dolan (2001), and Mosallam (2007).   
 
 
EXPERIMENTAL INVESTIGATION 
 
Seven course hollow block composite walls of 150mm gross thickness as shown in Figure 1 
were constructed and tested in the heavy testing laboratory (HTL) of the Central Queensland 
University.   
 

1400mm 

Figure 1.  Configuration of DSCM Walls  
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The top, middle and bottom courses of the walls contained only full blocks.  All other courses 
contained combinations of other blocks.  All walls were wrapped with 5 mm thick FRCC, thus 
the nominal thickness of the walls was 160 mm. Walls were constructed by a professional 
tradesman on a 5mm layer of fibre reinforced cement polymer matrix sandwiched with a fibre 
mesh.  The base course was laid followed by stacking of the full wall as per Figure 1. The 
FRCC wrapping was then completed all around the wall.  A dry stacked wall prior to and 
during rendering is shown in Figure 2. All walls were constructed over visqueen plastic sheets 
on a specially fabricated trolley so that the walls could be moved around and out of the ECR 
easily from where they were transported to the testing lab by fork lift.  
 
All walls were of constant height to thickness ratio of 8.8 but of varying length.  A minimum of 
two specimens was constructed for each category.     
 

   
Figure 2.  DSCM wall construction stages 

 
Instrumentation  
 
Five linear variable differential transducers (LVDTs) and three strain gauges were used to 
measure the deflections and surface strains of the walls.  All these instruments were fitted to 
one face of the wall as the opposite face of the wall was subjected to fluid pressure.  One LVDT 
was positioned exactly at the mid point of the wall. Four other LVDTs were then positioned 
equidistant from the central LVDT. For this purpose, the positions of the four LVDTs were 
marked off as 1/3 distance from the closest edge of the wall.  Two of the three strain gauges 
were fixed parallel to the bending direction at 1/3 span and the third at the mid point of the 
wall. An independent mounting frame to hold the LVDTs with adjustable length was specially 
fabricated.  Deflections were measured on walls tested in the second series only. 
 
Testing Program  
 
The specimens were carefully laid horizontally for loading as shown in Figure 3. The walls 
were tested as slabs supported on two opposite edges.  The walls are designated “CW” denoting 
composite wall with the first suffix corresponding to the test specimen number (1, 2 or 3) and 
the second suffix denoting the testing series (1 or 2).  Both first and second series of specimens 
(walls CW11,CW21 & CW31 and CW12,CW22 & CW32 ) were tested for ultimate capacity and 
strains.  Deflection measurements were made only on the walls tested in the second series 
(walls CW12,CW22 & CW32).  
 
The DSCM walls considered in this paper were expected to fail at pressures in excess of 50 
kPa.  Therefore a heavy duty bag capable of generating a fluid pressure of more than 70 kPa 
under constrained conditions was developed with the help of Beehive Vinyl Products Pty Ltd, 
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Townsville, Australia.  The bag was constrained between the wall and the strong floor as shown 
in Figure 3.  Two separate pressure bags were used to test the three walls.  In its inflated state, 
the bags measured 1500 mm (for testing walls CW1200 170× × 11,CW12 and CW21 CW22) and 

mm (for testing walls CW1200 600 170× × 31 and CW32).  
 

 

Specimen 

Pressure bag 
(prior to 
inflation) 

Independent 
LVDT mounting
Frame work 

LVDT 

 
Figure  3.  Arrangement of Instrumentation  

 
The loading arrangement utilised a pair of 410 UB “I” sections of 2000 mm long for providing 
reaction to the wall. The support beams 410 UB were in turn connected to the beams of two 
portal frames arranged parallel to each other. When the air bag was pressurised, the wall moved 
up and reacted to the 410 UB beam through 50mm diameter rollers and 4mm thick plywood 
strips.  Once the compressed fluid pressure inside the bag equaled the weight of the wall 
(approximately 4 kPa), the wall started floating and the rollers and the plywood were positioned 
appropriately.  The temporary wooden support blocks were removed once the wall attained the 
static equilibrium balancing self weight as desired.  The data acquisition system was zeroed 
corresponding to this pressure to enable the direct measurement of the pressure required to fail 
the wall (excluding the self weight of the wall). The rollers allowed the wall to rotate freely at 
the support and the plywood strips prevented application of concentrated load and subsequent 
localised bearing failure.  The pressure was increased further monotonically at a rate of 
approximately 5 kPa / min.  The pressure versus mid span deflection was monitored live during 
the test. The data were analysed carefully and any noise filtered out.  The mode of failure, the 
deformation behaviour and the ultimate load carrying capacity of the walls tested are discussed 
in the ensuing sections. 
 
 
Mode of Failure 
 
All specimens exhibited cracking at approximately 40 % - 50 % of the ultimate load at the top 
surface (tension face) of the FRCC.  All specimens failed with a noisy explosion at ultimate.  
All walls failed due to a single major crack formed in the region of maximum bending moment.  
The absence of a distributed array of cracks is typical of brittle un-reinforced structures. 
 
The failure path of  & CW11CW 12 specimens appeared to have been affected by the bed and 
perpend interfaces between blocks as evidenced by the zigzag pattern in the crack path as 
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shown in Figure 4.  This type of failure is similar to those of a conventional masonry walls 
subjected to horizontal bending.  
 

 

Zig-Zag 
failure along 
the dry 
perpend and 
bedding 
joints 

Figure  4.  Failure pattern of  wall specimens 1CW
 
Walls  and  failed along the bed joint in the vicinity of the maximum 
bending region with a single straight crack that is typical of vertical bending as shown in 
Figures 5 and 6. In-spite of the noisy failure, all the individual blocks of the wall specimen 
were intact and it was easy to transport the failed walls to the storage yard.  The composite 
wrapping provided the necessary integrity. 

21  22CW , CW 31 32CW , CW

 
The maximum peak load recorded was 55 kPa for CW32  and the maximum mid span deflection 
was 9 mm for CW22.  All walls exhibited evidence of tensile splitting of fibre mesh in the 
tension side. 
 

. 

Straight through cracking 
along the dry bed joint 

 
Figure 5.  Failure pattern of  wall specimens 2CW
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Straight cracking 
along the dry bed joint 

Figure 6.  Failure pattern of  wall specimens  3CW
 
Behaviour of DSCM composite wall 
 
The failure of walls tested is presented in Table 1.  The specimen configuration, failure load 
and equivalent load and the mean equivalent load and failure pattern are shown in columns 1- 
6.  As the pressure bag did not occupy the full length of wall, the ultimate uniformly distributed 
pressure (Wu) recorded in each case was converted to an equivalent pressure (Wue) using Eq. 1. 

Wue= Wu× b

w

L
L

         (1) 

in which bL and  are the lengths of bag and composite wall respectively. wL
 

Table 1  DSCM composite wall -Experimental failure details 
Designation 

 
 
 
 
 

Size 
span×length  
(mm ×  mm) 

& 
Bending 
Direction 

Failure
Load 

Wu (kPa)
 
 

Equivalent 
Uniformly 

distributed load
(EUDL) 

Wue (kPa) 
 

Mean EUDL
Wue (kPa) 

 
 
 

Crack 
Pattern 

 
 
 
 

CW11 24 20.4 
CW12

1490×1410 
Horizontal 
Bending  

26 22.2 
 

21.3 
Zigzag cracking along the 

dry perpends and bed 
-typical of horizontal 

bending 
CW21 38 31.7 
CW22

1200×1800 
Vertical 
Bending 

32 26.7 
 

29.2 

CW31 54 36.0 
CW32

1200×900 
Vertical 
Bending 

55 36.7 
 

36.3 

Straight line cracking 
along the dry bedding 

joints- typical of vertical 
bending 
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On a minor note, it is worth explaining the rationale of testing two walls in each series under 
vertical bending and only one wall in each series in horizontal bending.  At a first glance it 
would appear that the horizontal bending that exhibit zig-zag failure path actually requires more 
specimens testing rather than the straight crack failure of vertical bending.  The problem we 
had that lead to the decision of testing two lengths of vertical bending walls in each series was 
associated with the pressure bag sizes that are very special and carefully fabricated from 
standard size fabric with the objective of minimising stiches.  This has resulted in none of the 
bags actually be able to cover the full length of the walls, thus creating a two dimensional effect 
of loading.  We tested two vertical bending specimens in each series, precisely to eliminate any 
confusion on the validity of results based on loaded area as these specimens must fail in a 
straight line fashion. 
  
Both walls tested for each category failed at fairly consistent pressure levels (with variation in 
the range of 2% to 19%).  These pressure levels are much higher than that for the un-wrapped/ 
unreinforced masonry walls.  For example, as per AS3700 Cl. 7.4.2, had the walls failed under 
vertical bending and been built using traditional unreinforced masonry, the pressure load at 
failure would have been only 2.5kPa (as against the experimental mean values of 29.2kPa and 
36.3kPa).  The 2.5kPa capacity was based on an assumed flexural tensile strength of 0.2MPa.   
Another way of looking at the result is to examine the capacity of dry stack masonry without 
the FRCC wrapping.  In the absence of the FRCC wrapping, the dry stacked masonry would 
have collapsed under a pressure of only 0.20kPa due to vertical bending as per AS3700 Cl. 
7.4.2.  For this calculation the flexural tensile strength was assumed nil with the capacity 
derived entirely from the self weight of the wall at mid span.  The benefit of FRCC wrapping is 
thus obvious. 
 
The moment capacity of the wall was calculated using the basic strength of components as 
shown in Table 2 (columns 2 and 3).  The experimentally determined moment capacity is also 
presented in the Table 2 (column 4). The moment capacity was calculated using the tensile 
strength of FRCC as 5.8 MPa and the 
thickness of FRCC in tensile zones as 
2.5 mm.  The lever arm (distance 
between compression and tension 
forces) was 134.7 mm when the 
compression face shell was included, 
whilst the lever arm was 147.9 mm 
when the compression face shell was 
excluded.  In Figure 7 the lever arm 
(jd) calculation for inclusion of the 
compression face shell is illustrated.  
The breadth and thickness of the 
compression and tension FRCC layers 
are (B1, t1) and (B2, t2) respectively and 
that of the concrete face shell are (B3, 
t3).  Here B1 = B2 = B3.  D is the total 
depth, dn is the depth to neutral axis, de 
is the effective depth; C (= C1 +C2) is 
compressive force and T is tensile force.  
C1 and C2 are the compressive force 
resisted by FRCC and face shell 
respectively.      

 

B1

Neutral axis

Strain                                         Actual stress block          Equivalent stress block

  dn

C1 
C2 ( )γ×dn  

dejd 

T 

CC

T

( )nγ d /2×

B2

de (D-dn) 

   Neutral axis
dn 

FRCC

D

t1 
t3 

Concrete block 

t2 

Face shell 

FRCC 

B3

Figure 7.  Calculation of Moment Capacity 
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Table 2  DSCM composite wall –Moment capacity 
Moment capacity (kNm) Specimen 

Identification 
 
 

Calculated including 
compression face shell

 

Calculated excluding 
compression face shell 

 

Experimental 
(Mean) M max

 

CW11 &  CW12 3.03 2.75 5.90 

CW21  &  CW22 3.86 3.52 5.25 

CW31 & CW32 1.93 1.76 6.55 

 
The data show that the calculated moment capacity is significantly lower than that of the 
experimental prediction.  Although from a practical perspective it is desirable to have the 
calculations providing conservative values related to experimental prediction, the considerable 
deviations between the calculated and experimental values requires explanation, which may be 
stated as follows:   
 
The FRCC tension coupon tests have predicted maximum strain value of 1460 microstrain 
under direct tension and only 800 microstrain under flexural tests with the FRCC specimens 
exhibiting complex fibre pull out mechanism of failure (with no fibre fracture).  A typical plot 
of the equivalent load versus mid span longitudinal strain for walls CW11 is shown in Figure 8.  
From the graph shown in Figure 8, it can be observed that the FRCC in the tension face of the 
wall undergoes to maximum strain of approximately 5000 microstrain.   This shows that when 
one of the faces of the FRCC is provided with a base restraint (shells of the block), the FRCC 
elongates much more relative to the un-supported direct tension test where it failed 
approximately at a maximum strain of 1460 microstrain.  Thus to determine the true behaviour 
of the FRCC in walls, perhaps one must test specimens restrained by block face shells. 
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 Figure 8.  Variation of Longitudinal Strain in CW11 
 
 
Load –Deflection relationship 
 
Deformations of three walls tested in the second series were recorded.  The observed 
displacement at the mid span of the wall is plotted against the equivalent load in Figure 9.  The 
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load deflection curves exhibit significant nonlinearity from the early stages of loading.  As the 
walls failed suddenly, no meaningful post-peak load information could be recorded. 
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Figure 9.   Experimental Load - Deflection Curves 

 
 
SUMMARY AND DISCUSSIONS 
 
This paper has reported testing of six DSCM walls subjected to one way out-of-plane 
bending.  Both horizontal and vertical bending behaviour were investigated.  The theoretical 
bending capacities calculated were compared with the experimental values of the failure load. 
 
The walls were constructed in an environmental control room (ECR), where the temperature 
and humidity were maintained at  and 20 3C ±o oC 60% 5%± respectively. 
 
Six walls (three each of two series) were tested under out-of-plane loading.  Loading was 
applied using fluid pressure.  Maximum failure pressure obtained in the test series was 55kPa.  
One wall was tested to simulate horizontal bending and the other two walls were tested to 
simulate vertical bending.  The walls failed under horizontal bending showed evidence of 
some limited zigzag crack path.  The walls under vertical bending failed along the bed joint 
exhibiting a single, straight crack.  Only one dominant crack was noticed in each wall.  
Although each failure was noisy, the walls maintained their integrity and remained as a unit 
and were easy to handle.  Deformation measurements taken from the walls tested in the 
second series exhibited marked non-linearity.  
 
The bending capacity of the walls could not be predicted from the strength properties of the 
constituents (FRCC and block).  The following perhaps explain the reasons for this failure.  
Strain measurement in walls tested under horizontal bending exhibited ultimate strain values 
of approximately 5000 microstrain.  None of the tension specimens (direct or flexural) of 
FRCC exhibited such high strain values; the maximum ultimate strain being 1460 microstrain.  
Prediction of ultimate bending capacity showed much lower values compared to the 
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estimated from entity and diffusion of cracks as well as separation of block portions, was 
0.7%, and the longer one achieved 0.35% drift. The strength increased with the wall length, 
being the maximum strength of 221 kN obtained for the 4.5 meters wall. 
Considering the results obtained in the experimental tests, and comparing those with the 
values proposed in [1], it is possible to infer that the suggested maximum ultimate drift of 
0.3% seems to be very conservative for shorter walls failing in a mixed shear-rocking mode 
but rather appropriate for longer walls failing in shear. 
In the horizontally reinforced walls a reinforced bed joint was present every second block 
layer (i.e. with a vertical spacing of 0.5 m). The walls reinforced with two horizontal 6 mm 
rebars were built using special grooved blocks for the reinforced layers and the grooves were 
fully grouted in order to achieve a good bonding between bars and blocks. The flat truss steel 
reinforcement consisted in a couple of thin longitudinal plates (2 x 1.5 x 8 mm2) connected by 
a 1.5 mm wire. 
In the confined specimens, in addition to the bed-joint reinforcement, a couple of r.c. columns 
was cast in place at the ends of the wall. The columns were built in special blocks with 150 
mm diameter vertical holes with a reinforcement consisting of four 12 mm vertical rebars and 
6 mm stirrups at 0.15 m spacing. 
The reinforcement details adopted in the experimental campaign are represented in Figure 4. 
 

 
                        (a) (b)               (c) 

Figure 4. Construction details of the reinforced specimens: (a) horizontal rebars lodged in 
grooved blocks; (b) flat truss bed-joint reinforcement; flat truss reinforcement and cast in 

place confining r.c. columns. 
In Figure 5 a synthetic comparison of the experimental results, among the different 
reinforcement solutions, in terms of lateral force-displacement envelope curves is presented,  
for squat walls (3 m x  2.75 m) and slender walls (1.5 m x 2.75 m), respectively.  
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Figure 5. Force-displacement envelopes for the “squat”, (a), and “slender”, (b), AAC walls 

(thin line: unreinforced; thick line: confined and horizontally reinforced: dashed line: 
horizontally reinforced) 
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All the slender walls have shown a clear flexural behaviour. The confined masonry solution, 
compared to the unreinforced one, showed a significant increment of strength and stiffness 
and also an increase in the ultimate displacement capacity. In the case of the wall with bed 
joint reinforcement, the strength and stiffness has been not altered but, due to the reduction of 
vertical and diagonal cracking, the lateral displacement capacity has been highly increased. 
The unreinforced squat wall has shown a clear shear failure, the horizontally reinforced one a 
flexural one and for the confined wall a mixed failure mode has been observed. The confined 
masonry solution provided, with respect to the unreinforced one, a significant increment of 
strength and displacement capacity. In the case of the bed joint reinforced wall, the stiffness 
has been not modified but, due to the prevention of the shear failure mode, the lateral strength 
has been slightly increased and the displacement capacity has been enlarged to the same level 
of the confined solution. 
 
 
EXPERIMENTAL TEST CAMPAIGN ON AAC INFILLED RC FRAMES 
 
 
A second test campaign was performed on one-bay, one-storey full scale r.c. frames infilled 
with AAC panels, considering one single geometry and the same type of AAC units and glue-
mortar. At different levels of in plane drifts, out of plane tests were performed to define 
strength domains as a function of in plane damage.  
The overall dimensions were selected to be 4.5 × 3 (height) m. The concrete frame was 
designed as the lowest part of a four storey building, applying thoroughly the rules given by 
Eurocode 2 and Eurocode 8. The structure was designed according to the high ductility class 
of EC8, applying fully the capacity design rules. The plastic hinges were therefore supposed 
to form in the beams and all critical sections were well confined. All infill panels had 
identical geometry, with dimensions equal to 4200 × 2750 × 300 mm.  
The frame reinforcement details are reported in Figure 6. 

 
Figure 6. Reinforcement details of the tested frames (all dimensions are in cm) 
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All tests were performed applying first two vertical loads at the top of the columns, to 
simulate the presence of the upper storeys. No vertical load was placed on the beam, 
accepting this small difference from reality. The total vertical load was then kept constant 
during the tests, allowing the redistribution generated by the application of horizontal forces. 
 

 
Figura 7. Scheme of the test setup adopted for the infilled frames 

The in-plane tests were performed applying horizontal displacements cycles, according to pre-
defined targets between 0.1 and 3.6 % drift. Three cycles were performed at each target 
displacement.  
The force-displacement curve obtained from the bare frame is depicted in Figure 8. 
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Figure 8. Experimental force-displacement response of the bare r.c. frame 
The same frame geometry and testing conditions were adopted for the in plane cyclic tests of 
the infilled frames. In this case AAC blocks with thin mortar layer and filled vertical joints 
were used for all the infill panels with the different reinforcement solutions. 
The experimental campaign on AAC masonry infilled r.c. frames included the following 
reinforcement techniques (Figure 9): 

• Unreinforced AAC infill panel; 
• AAC infill panel reinforced by horizontal bars lodged in special grooved blocks every 

second mortar layer (i.e. with a vertical spacing of 500 mm); 
• AAC infill panel reinforced by a mid-height r.c. tie beam built using special U-shaped  

hollow blocks; 
• AAC infill panel reinforced by flat truss reinforcement every second bed joint; 
• AAC infill panel with a central opening (door) reinforced by flat truss reinforcement 

every second bed joint. 
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Figure 9. Structural details of the reinforced infill panels  

U-shaped blocks and blocks with circular vertical holes (150 mm diameter) were used to cast 
in place the r.c. light frame surrounding the door in the last specimen. No mechanical devices 
were placed at the interfaces between the frame structure and the infill panel. 
The in-plane cyclic force-displacement response of the first four configurations is represented 
in Figure 10.  
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(d) 
Figure 10. Experimental force-displacement curves of the in-plane cyclic test of the four 

configurations: (a) unreinforced; (b) mid-height r.c. tie beam cast in U-shaped blocks; (c) bed-
joint reinforcement with bars in special grooved blocks; (d) bed-joint reinforced with flat truss 

reinforcement. 
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With respect to the bare frame, the lateral strength is more than doubled, the initial stiffness 
significantly increased and the hysteresis cycles enlarged in all cases. The tests have been 
carried out up to 1.2 % drift for the unreinforced infill panel, 2.4 % drift for the rebar 
reinforced infill panel and the first panel with the mid-height tie beam and 3.6 % for both the 
flat truss reinforced panel and the second panel with the mid-height tie beam. 
The maximum lateral strength of such infilled frames is comparable. The flat truss 
reinforcement solution, however, has shown a rather stable response governed by sliding 
mechanism, with friction, in the unreinforced horizontal mortar joints. 
The final cracking patterns of the four experimental configurations is reported in Figure 11. 
 

  
(a) Unreinforced infill panel 

 

 
 

(b) Infill panel reinforced with a mid-height r.c. beam 
 

  
(c) Infill panel reinforced with rebar bed-joint reinforcement 

  
(d) Infill panel reinforced with flat truss bed-joint reinforcement 

Figure 11. Final cracking patterns and pictures of the specimens at the end of the in-plane 
tests 
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The initial stiffness for all the specimens is approximately the same and therefore not affected 
significantly by the presence or absence of the reinforcement. The reinforcement on the other 
hand increases the displacement and ductility capacity. All the reinforced specimens have 
demonstrated the capacity, due to the high deformability of the AAC material (Young 
modulus in compression equal to 1600 MPa), of undergoing in-plane deformations up to high 
drift values for the frame structure (1.2 %) with moderate damage.  
In such cases the contribution of the infill panel to lateral strength of the structure can be 
taken into account up to the development of the ultimate strength of the frame.  
Figure 11 shows the significant differences in the damage distribution to the infill panels. In 
the case of the cast in place mid-height tie beam the cracks are mostly concentrated along the 
r.c. beam and, as shown in Figure 12, cracks also occur in the frame columns. 
 

      
Figure 12. Damage to the frame columns induced by the mid-height r.c. beam 

Figure 13 shows the force-displacement curve and the final damage pattern obtained for the 
horizontally reinforced AAC infilled frame with a central door opening. Although the lateral 
strength is obviously reduced, it is anyhow significantly larger than for the bare frame, and 
the displacement capacity is comparable to the cases without opening. The presence of the 
bed joint reinforcement is again beneficial in controlling the damage to the infill panel. 
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Figure 13. Hysteretic curve and final damage to the infilled frame with a central opening and 

horizontal flat truss reinforcement 
 
 
CONCLUSIONS 
 
 
This comprehensive testing campaign on AAC loadbearing masonry piers and infill panels 
showed the potential in seismic design applications of AAC masonry, both for structural and 
non-structural elements. 
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The test results on unreinforced AAC piers suggest the adoption of ultimate drift values lower 
than 0.5 % for flexural failure modes and confirm the maximum drift of 0.3 % for 
unreinforced long shear walls. The drift capacity of relatively short walls failing in shear can 
be higher than 0.5 % and therefore, from a seismic design viewpoint, a limitation to the 
maximum wall length could make sense.  
The tested distributed reinforcement solutions, in particular in the case of flat truss 
reinforcement which requires a shorter anchorage length, have shown a high effectiveness in 
cracking control and hence enhancing ductility and displacement capacity. The presence of 
only horizontal reinforcement has been effective for the tested configurations in preventing 
shear failure modes and significantly improving the displacement capacity in bending failure 
modes (preventing the activation of shear damage at higher drift values). 
The presence of AAC infill walls strongly influences the seismic response of structural 
frames, increasing stiffness and strength without reducing the frame displacement capacity. 
Apart from the mid height beam, the tested reinforcement solutions have shown a 
considerable effectiveness in reducing the seismic damage both to the infill panel and to the 
frame structure. 
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SUMMARY 
 
At Kassel University 15 walls made of clay units and seven further walls made of calcium 
silicate units and Lightweight Aggregate Concrete (LAC) units were tested under static-cyclic 
loading. These tests on various types of clay bricks and different kinds of mortar with 
different levels of vertical stress and different wall lengths were carried out using a new test 
method, which is described in another paper “Shear test method for masonry walls with 
realistic boundary conditions”. 
The results are going to be used for a comparison with shaking table tests and pseudo-
dynamic large scale earthquake tests within the ESECMaSE project. Furthermore, the test 
data are suited to support the development and validation of improved models for the shear 
strength and the deformation capacity of masonry walls. 
 
 
INTRODUCTION 
 
Within the European research project ESECMaSE – i. e. “Enhanced Safety and Efficient 
Constructions of Masonry Structures in Europe” – static-cyclic shear wall tests were carried 
out at Kassel University (Germany), at Pavia University (Italy) and at the Technical 
University of Munich (Germany). These tests were executed to extend the knowledge of the 
shear bearing capacity and the deformation capacity of masonry walls made of different kinds 
of units and mortar. The results of the 15 wall tests of clay units will be displayed here and 
compared with each other. The comparison of the results covers the different boundary 
conditions such as wall length, different types of bricks, different types of mortar, different 
kinds of vertical loading. 
 
 
MATERIALS USED 
 
 
Clay units 
 
Three different kinds of vertically perforated clay bricks were used. Each of them had a width 
of 175 mm and a length of 363 mm. The height of the bricks depended on the type of mortar 
used and was 238 mm for general purpose mortar and 249 mm for thin layer mortar. The 
conventional clay brick were a HLZ-Plan–12–0.9–9DF. The optimised ones had different 
hole patterns but the same density.  
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Because the first range of the optimised clay bricks had a smaller vertical compressive 
strength as the conventional bricks, a second range of optimised clay bricks with smaller 
holes was fabricated.  

conventional optimised optimised 2 

   
 

 
Figure 1. Different hole patterns of the clay units 

 
 
Mortar 
 
The first and the last layer of mortar of all tested walls were fabricated with a general purpose 
mortar Sakret ZM M10 according to DIN EN 998-2. The other kinds of mortar were specific 
to each kind of bricks. 
 

• General purpose mortar 
ready-mixed mortar M5 according to DIN EN 998-2 
 

• Thin layer mortar 
 Bellenberger Planziegel thin layer mortar 
 Generally approved by the building authorities (DIBT Zul.-Nr. Z.17.1-261) 

 
 
DESCRIPTION OF THE SHEAR-TEST 
 
Within the research project ESECMaSE 15 walls made of clay units (see table 1) were tested 
by a test method which is described in the paper “Shear test method for masonry walls with 
realistic boundary conditions”. All these walls were tested with a fixed support of the top of 
the wall, so that the point of zero moment is at mid height of the wall (ψ = 0.5). The point of 
zero moment can be calculated by equation (1), see figure 1.  
 
N1 · e1 – N2 · e2 = H · (hw · (1- ψ) + ha)                                                                                     (1) 
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Figure 2. Idealised load state of the shear wall 

 

For all combinations of units and mortar investigations on different wall lengths and different 
levels of vertical loading were performed. Table 1 represents all tests with their special 
boundary conditions. 

Table 1. Overview of the wall tests on clay bricks 
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TEST RESULTS 

Table 2 shows the results of the 15 wall tests on clay units. Herein the horizontal force of the 
first visible crack on the wall and the maximum force are displayed. Furthermore, the 
maximum deformations [du1 and du2] at both sides on top of the wall are given. 
 

Table 2. Overview of the test results 

 
 
To compare the load bearing capacity of all walls tested with a restraint due to the floor slabs 
and a width of 175 mm, the values l’ and τ’ may be adopted. 

= α ⋅ w wl ' l /h  (2) 

σ
α = v

kf
 (3) 

τ =
⋅

F

k w

H'
f A

 (4) 

with: σv = normal stress due to vertical loading of the wall 
 fk = compressive strength of masonry 
 lw = length of the wall 
 hw = height of the wall 
 HF = maximum horizontal force 
 Aw = base area of the wall 
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In figure 3 τ’ is displayed against l’ for ψ = 0.5. Here it can be seen, that the load bearing 
capacity of the wall is increasing with l’. As expected, a higher vertical loading and a larger 
wall length lead to a higher load bearing capacity of the wall.  
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Figure 3. Load bearing capacity 

 
Comparison of the different kinds of mortar 
 
Clay units of two different unit heights were used with thin layer mortar and general purpose 
mortar M5, respectively. To compare the influence of the two different kinds of mortar on the 
shear bearing capacity of masonry walls, the enveloping curves of the hysteresis curves of 
walls with the same boundary conditions but different kinds of mortar, are displayed in 
figure 4. 
 
Figure 4 indicates that on the one hand the wall with general purpose mortar and clay bricks 
opti2 has a higher shear bearing capacity as the wall with thin layer mortar and clay bricks 
opti2. On the other hand the wall with general purpose mortar and conventional clay bricks 
has a lower shear bearing capacity as the wall with thin layer mortar and conventional clay 
bricks. 
 
The scattering of the test results can be estimated between 10 % and 20 %. Hence a 
significant influence of the two different kinds of mortars could not be observed. 
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Figure 4. Comparison of different kinds of mortar with clay bricks 

 
 
Comparison of the different kinds of vertical loading 
 
The walls were tested at three different stress states of vertical loading. Each wall type was 
tested at a vertical stress of 0.25 N/mm2, 0.5 N/mm2 or 1.0 N/mm2 (see table 1). Figure 5 
displays the comparison of two 2.20 m long walls of clay bricks opti2 at a vertical loading of 
0.25 N/mm2 and 1.0 N/mm2. It can be pointed out, that the wall with a fourth of the vertical 
loading of the other wall has about half of the maximum horizontal force, whereas the wall 
with the lower vertical loading has a higher deformation capacity. 
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Figure 5. Comparison of different kinds of vertical loading (wall length 2.20 m) 

 
Figure 6 displays three walls with a length of 1.10 m made of clay bricks opti2. The three 
kinds of vertical loading show three different kinds of hysteresis curves. With decreasing 
vertical loading the maximum horizontal force is decreasing, too, whilst the deformation 
capacity of the wall is enlarging.  

 

Figure 6. Comparison of different kinds of vertical loading (wall length 1,10 m) 
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Validation of the optimising of units 
 
The two optimising steps of clay units (see [Grabowski 2005 and Schermer 2005]) are 
displayed in figure 7 for a wall with a length of 2.20 m and a vertical loading of 1.0 N/mm2. 
In this case it can be shown, that the first optimising step (grey hysteresis curve) led to a 
lower shear bearing capacity of the wall. Therefore a second optimising step was needed and 
resulted in the dashed envelope curve. These results of the wall with clay bricks opti2 show at 
least in the third quadrant the highest horizontal force.  

 

Figure 7. Comparison of different kind of vertically perforated bricks 
 
 
CONCLUSION 
 
The wall tests on clay units carried out at Kassel University represent the whole range of 
masonry failure types under shear loads.  
Walls with different boundary conditions are compared to each other. The comparison of the 
bearing capacity of the walls is given by the comparison of l’. It can be noted, that a higher 
vertical loading and a larger wall length lead to a higher load bearing capacity of the wall.  
The comparison of the different kinds of mortar shows, that a significant influence of the two 
different kinds of mortar could not be observed. The scattering of the wall test results can be 
estimated from 10 % up to 20 %, possible distinctions are in the range of the scattering as 
usual for masonry. 
The comparison of the different kinds of loading shows, that at decreasing vertical loading the 
maximum horizontal force is decreasing and the deformation capacity of the wall is 
increasing. 
The validation of the optimised units shows that neither an increase of the bearing capacity 
nor of the ductility of the walls could be observed. 
 
 

Click here to searchClick here for table of contents



 9 

ACKNOWLEDGEMENTS 
 
The authors would like to thank the European Commission for granting the research project 
ESECMaSE and generously funding it for three years. 
 
 
REFERENCES 
 
Fehling, E., Stürz, J., “Theoretical Investigation on Stress States of Masonry Structures 
Subjected to Static and Dynamic Shear Loads (Lateral Loads), Analysis of Terraced House”, 
Technical report of the collective research project ESECMaSE, 2005 
 
Fehling, E., Stürz, J., Schermer, D., “Theoretical Investigation on Shear Tests Methods, 
Construction of test setup for shear tests for validation of proposed method”, Technical report 
of the collective research project ESECMaSE, 2006 
 
Fehling, E., Stürz, J., Schermer, D., “Theoretical Investigation on Shear Tests Methods, Series 
of shear tests for validation”, Technical report of the collective research project ESECMaSE, 
2006 
 
Fehling, E., Stürz, J., “Test results on the behaviour of masonry under static (monotonic and 
cyclic) in plane lateral loads”, Technical report of the collective research project ESECMaSE, 
2007 
 
Grabowski, S., “Tests on the relevant material properties on improved clay units”, Technical 
report of the collective research project ESECMaSE, 2006 
 
Ötes, A., Löring, S., „Tastversuche zur Identifizierung des Verhaltensfaktors von 
Mauerwerksbauten für den Erdbebennachweis“, Abschlussbericht, Universität Dortmund, 
Lehrstuhl für Tragkonstruktionen, 2003 
 
Schermer, D., “Proposal for the Improvement of Masonry Units”, Technical report of the 
collective research project ESECMaSE, 2005 
 
Schermer, D., “Theoretical Investigation on Stress States of Masonry Structures Subjected to 
Static and Dynamic Shear Loads (Lateral Loads), Analysis of Apartment House”, Technical 
report of the collective research project ESECMaSE, 2005 
 
Fehling, E., Schermer, D., “ESECMaSE - Shear test method for masonry walls with realistic 
boundary conditions”, proceedings of the 14. International Brick and Block Masonry 
Conference, Australia, 2008 
 
 

Click here to searchClick here for table of contents



 1 

ESECMASE - SHEAR TEST METHOD FOR MASONRY WALLS  

WITH REALISTIC BOUNDARY CONDITIONS  

 

 

E. FEHLING 

 

Professor of Civil Engineering 

Institute of Structural Engineering 

Chair of Structural Concrete 

University of Kassel 

Kassel, Germany 

D. SCHERMER  

 

Research Engineer 

Institute for Concrete and  

Masonry Structures 

Technische Universität München 

Munich, Germany 

 

 

SUMMARY 

 

Within the European research project ESECMaSE a shear test method for masonry walls with 

realistic dimensions and boundary conditions was developed and numerous wall tests were 

carried out using this method. 

The test method considers the restraint due to the floor slabs by a vertical pair of forces on top 

of the wall. Furthermore the load history for these tests is shown. 

 

 

INTRODUCTION 

 

The experimental characterisation of the behaviour of masonry wall panels under shear 

loading can be carried out in different ways. The investigations can take place by testing a 

representative small test specimen – e.g. compression test on a masonry wall panel in a 

specified angle to the bed joints or a diagonal compression resp. tension test – or by the 

application of a horizontal load on the cap of a large or full scale masonry wall panel with 

realistic boundary conditions both at the cap of the wall and at the wall edges.  

In the following, a method for the determination of the shear load bearing capacity and the 

deformation behaviour is described. The tests should be performed on a full scale masonry 

wall with load application at the top of the wall simulating the boundary conditions in real 

structures.  

 

 

BACKGROUND  

 

The behaviour of masonry wall panels under in-plane loadings, i.e. combined N-M-V-action, 

depends on several parameters. To investigate these effects, the execution of real tests is 

necessary, because a numerical simulation often largely depends on the material models and 

the selection of the modelling approach. 

   

 

 

 

 

 

 

Click here to searchClick here for table of contents



 2 

BOUNDARY CONDITIONS IN COMMON STRUCTURES  

 

With regard to shear walls in multi-storey structures it should be noted, that the slabs may 

lead to significant restraint effects. In the consequence, the boundary conditions at the cap and 

the bottom of the wall can be described by the three load parameters:  

• vertical compression force N (assumed to be constant along the height of the wall) 

• in-plane bending moment at the top Mcap and the bottom Mbottom of the wall 

• horizontal shear force V  

                                                  

Figure 1. Shear wall in a multi-storey structure with loads acting  

at the top and the bottom of the wall  

 

A parametric study with spatial FEM-calculations on typical multi-storey masonry structures 

– including material non-linearities – led to the description of the stress distribution in shear 

walls in dependency of the several parameters. It was found, that under high horizontal loads 

the compressed area of the walls was significantly reduced. The eccentricity at the top of the 

wall was found to be close to the eccentricity at the bottom of the wall – mirror-inverted to the 

centre of the wall (Fig. 1), described by an almost absolute rigid restraint in the floor slabs 

occurred. The level of the restraint depends on the stiffness of the wall in relation to the 

bending stiffness of the slab, i.e. level of the restraint reduces with increasing length of the 

wall. As in reality the design of short walls is relevant and decisively, the test-method is 

mainly focused on short walls. Nevertheless the test-method is also suitable for long walls, 

but then corrections have to been done concerning the h/l- or Mtop/Mbottom-ratio. 

 

 

hWall 

 Mtop; V; N 

 Mbottom; V; N 

floor slab 

floor slab 
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TEST-METHOD  

 

 

Test specimen  

 

The tests should be performed on full-scale masonry walls to cover size and other above-

mentioned effects. The height and the length of the tested walls should be selected close to 

real structures, i.e. a height between 2.25m and 2.75m. 

The test specimen has to be built up on a stiff foundation beam. At the top of the wall the 

application of a stiff beam is proposed to ensure a proper distribution of the applied loadings. 

The test set-up has to ensure the application of the given loadings to the test specimen with a 

sufficient accuracy. Care should be taken, that the vertical load applied on the wall remains 

constant during the test and no parasitic loads appear (Fig. 2). 

 

 

Figure 2. Test specimen with loadings. 

 

 

Load application  

 

The application of the horizontal load (or displacement, respectively) should ensure a uniform 

displacement on top of the wall. 

The vertical forces applied on the test specimen represent the axial force and also the bending 

moment. In order to model the distribution of the bending moment and eccentricities across 

the wall height, the ratio between Mtop/Mbottom is fixed to be 1.0 – mirror-inverted to the centre 

of the wall (Fig. 3). That means for a full rotation restraint that the eccentricity of the resulting 

force in the mid height of the wall equals zero and no relative rotation between cap and 

bottom of the wall should occur. It is proposed to use a set of boundary conditions for the 

comparison of the behaviour of shear walls with different aspect ratios, normal force and 

materials. 
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capM N e= ⋅ =  
Wall

bottom

h
V M

2
⋅ = −   (1) 

Where: N  is the vertical compression force  

 V  is the horizontal shear force  

 M  is the in-plane bending moment (at the top reps. the bottom of the wall) 

 hwall is the (effective) height of the wall   

  

 

 

 

Figure 3. Idealised loadings on shear walls under combined N-M-V-loadings. 
 

 

The normal force N has to remain constant during the test. That means that mechanical 

fixations to block cap rotations are not suitable at all, since then additional parasitic vertical 

forces are activated due to the unavoidable uplift of the wall under bending deformations. 

Though, the vertical load application must be ensured by computer-controlled actuators and 

must be measured continuously. 

The horizontal load application has to ensure a uniform cap-displacement along the wall. The 

adjusting shear stress distribution at the cap of the wall depends on the vertical stresses in the 

compressed part and the geometric properties of the wall in general. To fulfil this demand, a 

very high longitudinal stiffness of the wall placed directly on the cap of the beam is 

necessary. 

For the standard determination of the shear load bearing capacity of a wall, the horizontal load 

has to be increased continuously in the tests until the collapse of the wall is reached. To cover 

also the post-peak and post-crack behaviour (see table below: Load Levels B and C), the 

application of the horizontal load has to be carried out displacement controlled. Generally, at 

the beginning of the tests, when the horizontal low load level ensures that no cracks (shear or 

bending) occur at all, the horizontal load also can also be applied force controlled (see table 

below: Load Level A).  

 

 

e 
    R (= resulting force)                  τ ;  σ 

eccentricity 

lWall 

hWall 

� 

 Mcap; V; N                          τ ;  σ 
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As the bending moment depends on the horizontal load V, the eccentricity varies during the 

test and a variable real-time controlling system has to ensure the above mentioned equation. 

To cover also the post-crack behaviour (where a non symmetric bending-stiffness-reduction 

in positive a negative direction may occur by shear cracks), it might also be useful, to switch 

from force-control of the cap moment to a displacement-control, where no relative rotation of 

the cap is permitted.  

For the execution of static-cyclic tests the application of horizontal compression and tension 

forces should be possible. 

 

 

Test set-up  

 

In the following figures the test set ups at TU München (D) (Fig. 4) and Kassel University (D) 

(Fig. 5) are shown. Within the research project ESECMaSE a test set-up has been constructed 

also at Pavia University (I). 

The forces and the displacements are applied computer-controlled. The measurements cover 

the relevant horizontal and vertical displacements and the forces N1, N2 and V. 

  

 

Figure 4. Test set-up at TU München. 
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Figure 5. Test set-up at the University of Kassel 

 

     

LOAD HISTORY  

 

 

Monotonic tests 

 

For the determination of the shear load bearing capacity of a wall, the execution of a 

monotonic test is sufficient. These tests are carried out under a constant vertical load N and a 

monotonic increasing displacement d at the top of the wall. The boundary conditions at the 

top of the wall have to be fulfilled as lined out. The velocity of the application of the 

displacement d is calculated from the intended duration of the test of 30 minutes in total. 

 

 

Static-cyclic tests  

 

These tests are carried out under a constant vertical load N and alternating displacements ±d 

at the top of the wall. The boundary conditions have to be fulfilled according to the demands, 

too, as mentioned above. 
At the beginning the following values must be estimated, either based on the results of 
preliminary tests, taken from a data base or from numerical calculations:  

- dcr  : horizontal displacement where the first cracks are assumed to appear 
- dV,max : horizontal displacement at the maximum shear load Vmax 

- Vcr   : horizontal shear load where the first cracks are assumed to appear 
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The test execution is divided into three load levels  
- Level A: no relevant cracks are assumed to appear, i.e. d < dcr resp. V < Vcr  
- Level B: post-crack, i.e.  dcr < d < dV,max  resp. Vcr < V < Vmax 
- Level C: post-peak, i.e.  dV,max < d  resp. Vmax < V  

Each load level is subdivided into several steps with an increment of   

- ∆d = 0.25 · dcr (Load level A / almost linear-elastic behaviour assumed)  

- ∆d = 0.50 · dcr (Load level B / post-crack)  

- ∆d = 1.25 · dcr (Load level C / post-peak).  

 

At each load step 3 single cycles of horizontal displacements ±d are applied on the specimen 

in form of a sinus-function (Fig. 6). 

 

The maximum velocity of the sinusoidal application of the displacement d is determined to  

dcr / 2 min. 
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 Table 1.  Applied displacements d at the top of the shear wall within a static-cyclic test. 

Load level / Step Displacement Increment steps 

A1 d ≤ dcr ±0,25*dcr 

A2 d ≤ dcr ± 0,50*dcr 

A2 d ≤ dcr ± 0,75*dcr 

A4 d ≤ dcr ± 1,0*dcr 

∆d=0,25*dcr 

B1 d < dV,max ± 1,5*dcr 

B2 d < dV,max ± 2,0*dcr 

B3 d < dV,max ± 2,5*dcr 

Bn d < dV,max … 

∆d=0,50*dcr 

(*) 

C1 d ≥ dV,max ± dV,max 

C2 d ≥ dV,max ±(dV,max+1,25*dcr) 

C3 d ≥ dV,max ±0,25*dcr 

C4 d ≥ dV,max ± 0,50*dcr 

Cn d ≥ dV,max ± 0,75*dcr 

∆d=1,25*dcr 

(*) 

(*)Variations from the above mentioned load history are generally possible – 

especially to fit the number of cycles in load levels B and C, e.g. by 

factorising ∆d with 0.5 up to 2.0. 
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Related to time the displacement can be plotted as: 

 

 

Figure 6. Applied displacements d at the top of the shear wall within a static-cyclic test 

 

Slight deviations from the above mentioned load history are generally possible, when no 

relevant differences are expected. 

 

 

CONCLUSION 

 

A test set-up for masonry walls with realistic dimensions and realistic boundary conditions is 

shown. The described approach should be the basis for a test standard of wall tests under 

horizontal loading.  
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SUMMARY 
 
The present paper introduces a new displacement-based design procedure for masonry 
buildings under seismic loading. The procedure is based on the capacity spectrum method, in 
which the reduced response spectrum is superposed with the capacity curve of the regarded 
structure. The overall capacity curve of the structure is calculated using the individual wall 
capacity curves stored in a well structured database depending on the masonry type, geometry 
and loading state. The developed procedure fully utilises the nonlinear bearing reserves of 
masonry and is generally applicable to all types of masonry.  
 
 
INTRODUCTION 
 
The current reference method for the seismic design and safety verification of masonry 
buildings is based on the linear-elastic response spectrum analysis. Two types of this method, 
a general and a simplified approach, can be distinguished whereas the simplified so-called 
“lateral force method” can be applied for masonry buildings in most cases since the structural 
response is not significantly affected by contributions from higher modes of vibration. Basic 
input of the method is a linear-elastic response spectrum which characterises the seismic site 
hazard. For considering the ability of energy dissipation the linear-elastic spectrum is reduced 
by the so-called behaviour factor. The method is a simple approach for the engineering 
practice in order to avoid time-consuming nonlinear time-history analyses and the concept 
seems to be justified for material types with high ductility reserves. But for quasi-brittle 
materials the behaviour factors given in the codes are too conservative and lie for many cases 
of masonry buildings far beyond the safe side. This issue in combination with the significant 
increase of seismic loads in the European Standards (Eurocode 8, 2004) leads to problems for 
the safety verification of masonry buildings all over Europe, even for buildings which have 
been constructed years ago in seismic active regions and have already proven their stability in 
practice. Therefore, there is an urgent demand for developing design procedures which are 
more accurate but still practicable.  
 
In the present paper the development of an innovative design procedure which fully utilises 
the nonlinear bearing reserves of masonry based on the thesis of Mistler (2006) is presented. 
The basis of the procedure is the capacity spectrum method, in which the reduced response 
spectrum is superposed with the capacity curve of the regarded structure. The capacity curve 
has to be calculated iteratively taking into account the contribution of all relevant shear walls. 
The wall capacity curves can be determined from cyclic shear wall tests (Ötes & Löring, 
2003; Fehling & Stürz, 2006) in combination with simulations using sophisticated numerical 
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models. Provided that the wall capacity curves are available, the procedure can be used for the 
design of unreinforced, reinforced, confined and post-strengthened masonry. The 
effectiveness of the procedure will be demonstrated in the examples of two residential 
buildings.  
 
 
DISPLACEMENT BASED DESIGN PROCEDURE 
 
In 1975 Freeman et al. (1975) developed a displacement-based design approach, called 
capacity spectrum method (CSM). The CSM is a nonlinear static method which compares the 
seismic action with the load bearing capacity of the building, taking the nonlinear material 
behaviour with its post-peak capacity into account. The seismic action is represented by a 
reduced response spectrum due to damping and the building capacity is described by an 
inelastic cyclic pushover curve. Both curves are converted into acceleration-displacement 
response spectral ordinates (ADRS format). The intersection point of both curves is called 
“Performance Point” and corresponds to the maximum spectral displacement for the given 
site spectrum (see Figure 1). The CSM has been widely used for structural analysis of multi-
storey reinforced concrete buildings and the method is included in the guidelines ATC 40 
(1996), FEMA 273 (1997) and FEMA 274 (1997). The application of the CSM so far has 
been rather limited since the approach is based on an equivalent two dimensional cantilever 
beam without considering torsional effects due to eccentricity of the mass centre. 
 

 
 

Figure 1. Capacity spectrum method and performance point 
 
 

CALCULATION OF THE BUILDING CAPACITY CURVE 
 
The procedure assumes continuous shear walls over all stories and floor slabs acting as rigid 
horizontal diaphragms. Furthermore the out of plane stiffness of the shear walls is neglected. 
These assumptions, typically fulfilled for most of the existing and planned masonry buildings, 
lead to a failure mechanism in the ground floor characterised by a large inelastic drift while 
the upper stories remain linear elastic (Tomaževič et al., 2004). Therefore it is sufficient to 
represent the capacity of the building by the pushover curve of the ground floor.  
 
The pushover curve of the ground floor is calculated iteratively by imposing a displacement 
increment Δx (Figure 2) in the direction of the seismic action. Afterwards the resulting forces 
of all shear walls are calculated using shear wall capacity curves obtained from experimental 
tests or numerical simulations. In the case of non-symmetric wall configurations the 
disequilibrium caused by the resulting moment produces a rotation of the system around the 
mass centre. In order to find the equilibrium for moments M and forces F, the system is 
rotated by Δϕ and translated by Δy in the perpendicular direction. The resulting pair of 
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imposed displacement and reaction force in the direction of seismic action is a single point of 
the pushover curve. The overall pushover curve is calculated by repeating the calculation for 
different displacements ΔGF (see Figure 2). 
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Δx
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IterationInitialisation
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Δx ΔGF
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Figure 2. Procedure for the calculation of the pushover curve 
 
 
TRANSFORMATION OF THE BUIDLING CAPACITY CURVE 
 
According to the basic idea of the capacity spectrum method the pushover curve has to be 
transformed into the Sa-Sd-diagram. This requires a transformation of each point (Fb,i, ΔGF,i) 
into corresponding points (Sa,i, Sd,i) using an equivalent single-degree-of-freedom system:  

1,GF1

i,GF
i,d

1eff,Tot

i,b
i,a S,

M
F

S
φ⋅β

Δ
=

α⋅
=  (1)

with 
φGF,1  amplitude of the first natural mode at the ground floor, 
β1   modal participation factor for the first natural mode 1Φ  of the system, 
MTot  total building dead weight plus proportional live loads, 
α1 modal mass coefficient for the first natural mode (ratio of the effective modal mass 

to the total mass MTot,eff ). 
 
The determination of the modal damping factor β1 and the mass coefficient α1 requires the 
calculation of the fundamental natural frequency of the building. Simplified, the building can 
be idealised as a multi-degree-of-freedom system with horizontal degrees-of-freedom and 
concentrated masses at the floor slab levels. The fundamental natural frequency must be 
recalculated for each point of the capacity curve using the updated secant stiffness of the 
ground floor.  
 
 
DETERMINATION OF THE PERFORMANCE POINT 
 
The influence of energy dissipation within the nonlinear range of the capacity curve is 
considered by a reduction of the linear elastic response spectrum by means of an effective 
viscous damping ξeff. This damping part considers the material damping as well as the 
hysteretic damping effects and has to be recalculated for each point of the capacity spectrum. 
The successive spectrum reduction with the damping value ξeff transfers the linear response 
spectrum into a damped spectrum, which fully represent the damping characteristics in 
dependency on the deformation state. The transformation of the damped response spectrum 
into the Sa-Sd-diagram can be carried out for each point i of the response spectrum: 
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The calculation of the damped response spectrum allows a direct determination of the 
“Performance Point”, which corresponds to the intersection point of the capacity curve and 
damped response spectrum in the common Sa-Sd-diagram (see Figure 3). The simple idea of 
pre-calculating the damped response spectrum avoids the application of time consuming 
iterative procedures proposed in ATC 40 (1996). 
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Figure 3. Determination of the “Performance Point” using a damped response spectrum 

 
 
CALCULATION OF EFFECTIVE VISCOUS DAMPING  
 
The effective viscous damping ξeff of a building is equal to the sum of the viscous damping ξ0 
and the equivalent viscous damping ξeq. The viscous damping ξ0 corresponds to the damping 
of the building in the linear range and is mainly influenced by the building material and type 
of connections between the structural components. For masonry the value of ξ0 ranges 
between 5 and 7.5 % (Petersen, 1996). The equivalent viscous damping ξeq represents the 
hysteretic damping part and can be interpreted as the ratio between the maximum strain 
energy ESo and the hysteretic energy ED: 

So

D
eq E

E
4
1
π

=ξ  (3)

ATC 40 (1996) proposes a calculation of ξeq based on a bilinear idealisation of the hysteresis 
loop. The idealization differs significantly from realistic loops determined from cyclic tests of 
masonry shear walls. In particular the difference between idealisation and experiment in the 
highly nonlinear range of deformation is not negligible (FEMA 440, 2005). In order to correct 
the bilinear idealisation a damping modification factor κ is introduced. Due to the brittle 
behaviour of masonry ATC 40 (1996) recommends a significant reduction of the hysteresis 
loop area ED by modification factor κ = 0.33. 
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More realistic is the determination of the equivalent viscous damping ξeq based on load-
displacement curves obtained from cyclic shear wall tests or numerical simulation. Figure 4 
shows exemplarily the determination of ξeq for a wall of optimized perforated clay bricks with 
a height of 2.50 m, a length of 2.20 m and a vertical load of 1.0 N/mm2 (Fehling & Stürz, 
2006).  
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Figure 4. Calculation of the equivalent viscous damping ξeq  
 
In order to minimise the effort for the determination of the damping values a special tool was 
implemented into the software package M-DESIGN (2007). This tool provides a graphical 
user interface for the definition of the hysteresis areas, an automatic evaluation of the 
damping values assigned to single displacement values and an interpolation scheme to obtain 
the resulting damping curve for a wall as a function of the displacements. Figure 5 shows a 
typical effective viscous damping curve for a masonry building depending on the spectral 
displacement of the first storey. 
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Figure 5. Typical effective viscous damping curve for a masonry wall 
 
By using the damping curves of all shear walls, the overall damping of the building can be 
calculated for each point of the buildings load-displacement curve by weighting the hysteretic 
damping of each wall i with the corresponding maximum strain energy ESo,i: 

∑
∑ ⋅ξ

+ξ=ξ
i,So

i,Soi,eq
0eff E

E
 (4)

Click here to searchClick here for table of contents



The resulting effective viscous damping ξeff can be used for the reduction of the linear 
response spectrum as explained in the previous section. The damping ξeff must be recalculated 
for each point of the building’s capacity curve depending on the damage grade of each shear 
wall. 
 
 
IMPLEMENTATION 
 
The developed displacement-based design procedure was implemented into the software 
package M-DESIGN (2007). The calculation time is minimised by the storage of all wall 
capacity curves into a database depending on the masonry type, geometry and loading 
conditions. Figure 6 shows the architecture of the database with capacity curves obtained by 
experimental investigations and numerical simulations. Because it is impossible to consider 
all theoretically possible geometry configurations (height/length: h/l) and loading conditions a 
feasible interpolation algorithm is linked to the database. By using this algorithm the building 
capacity curves can be calculated for arbitrary wall configurations as well as geometry and 
loading conditions of the individual shear walls. Finally, it should be pointed out, that the 
design procedure is applicable for confined, reinforced and strengthened masonry by means 
of a simple substitution of wall capacity curves stored in the database.  
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Figure 6. Database architecture for the storage of shear wall capacity curves 
 
 

APPLICATION EXAMPLE 1: TERRACED HOUSE WITH THREE STORIES 
 
In the following the capacity spectrum method is applied to a typical terraced house with 
three stories and an inner storey height of 2.50 m. The dimensions of the house are 6.5 m x 
13.0 m. The self weight of the reinforced concrete slabs is 5 kN/m². In y-direction two shear 
walls are spanned over the whole building length and provide sufficient stability against 
horizontal loads in y-direction and torsional loads. In order to achieve the maximum 
transparency and flexibility in x-direction only two inner walls with 2.50 m length (W1) and 

Click here to searchClick here for table of contents



four outer walls with 1.25 m length (W2) are planned by the architect (Figure 7). The building 
material are vertically perforated clay bricks (HLZ 12/IIa). The capacity curves of the walls 
build up of these bricks were taken from experimental investigations (Ötes & Löring, 2003). 
 

 

Bath 
room 

dining 

living 

kitchen 

y

x

W2

W2

W1

 
 

Figure 7. Ground plan of the terraced house 

Figure 8 shows the pushover curves of the walls W1 and W2 obtained by averaging the 
envelopes in positive and negative deformation direction. The overall pushover curve of the 
ground floor in x-direction corresponds to a simple superposition of the wall capacity curves. 
An iterative calculation is not necessary because of the symmetry of the ground plan and wall 
configuration.  
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Figure 8. Wall pushover curves and overall pushover curve of the ground floor 
 

The seismic action is described by a linear response spectrum according to DIN 4149 (2005) 
for seismic zone 3 and subsoil condition B-R. By transforming the response spectrum and the 
pushover curve into the Sa-Sd-diagram the “Performance Point” as intersection point of both 
curves was calculated iteratively (Figure 9). The “Performance Point” lies in the nonlinear 
range of the capacity spectrum. Nevertheless the structural stability is ensured for the given 
seismic action. 
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Figure 9. Determination of the “Performance Point” 
 
 
APPLICATION EXAMPLE 2: FOUR STOREY BUILDING 
 
The second example demonstrates the application of the design procedure on the example of a 
four storey house with an eccentricity between the mass centre M and the stiffness center S 
due to an irregular ground plan (see Figure 10). The dimensions of the house are 6.0 m x 
9.0 m and the inner storey height is 2.50 m. The self weight of the reinforced concrete slabs is 
6.5 kN/m². Furthermore a live load of 1.5 kN/m² was applied on each floor level. The seismic 
action in lateral building direction is represented by a linear response spectrum according to 
DIN 4149 (2005) for seismic zone 3 and subsoil condition A-R. The capacity curves of the 
walls were taken from experimental investigations (Fehling & Stürz, 2006). 
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Figure 10. Irregular ground plan of the four storey building 
 
The “Performance Point” of the damped response spectrum and the capacity curve lies in the 
rising branch of the buildings capacity curve (Figure 11). For this reason the building exhibits 
nonlinear bearing reserves and the structural stability for the applied seismic load level is 
ensured. The damage of the horizontal load bearing system starts with failure of wall W8, 
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followed by failure of W3 and W1. Finally the load bearing system in the lateral direction 
collapsed with failure of wall W8. The successive failure of the walls leads to a stepped 
capacity curve (Figure 11) in which each step corresponds to a failure of a single wall. 
 

Failure W5
0

0,5

1

1,5

2

2,5

0 0.002 0.004 0.006 0.008 0.01 0.012 0.014 0.016 0.018

Spektrale Verschiebung des 1. Stockwerks [cm]

Sp
ek

tra
le

 B
es

ch
le

un
ig

un
g 

[m
/s

²]

Damped response spectrum
Capacity spectrum

Sp
ec

tra
l a

cc
el

er
at

io
n

[m
/s

2 ]

Spectral displacement: 1 st storey [10-2 m]

Performance Point

Failure W8

Failure W3
Failure W1

0

0.5

1

1.5

2

2.5

Spektrale Verschiebung des 1. Stockwerks [cm]

Sp
ek

tra
le

 B
es

ch
le

un
ig

un
g 

[m
/s

²]

Damped response spectrum
Capacity spectrum

Sp
ec

tra
l a

cc
el

er
at

io
n

[m
/s

2 ]

Spectral displacement: 1 st storey [m]

Performance Point

Failure W8

Failure W3
Failure W1

Failure W5Failure W5
0

0,5

1

1,5

2

2,5

0 0.002 0.004 0.006 0.008 0.01 0.012 0.014 0.016 0.018

Spektrale Verschiebung des 1. Stockwerks [cm]

Sp
ek

tra
le

 B
es

ch
le

un
ig

un
g 

[m
/s

²]

Damped response spectrum
Capacity spectrum

Sp
ec

tra
l a

cc
el

er
at

io
n

[m
/s

2 ]

Spectral displacement: 1 st storey [10-2 m]

Performance Point

Failure W8

Failure W3
Failure W1

0

0.5

1

1.5

2

2.5

Spektrale Verschiebung des 1. Stockwerks [cm]

Sp
ek

tra
le

 B
es

ch
le

un
ig

un
g 

[m
/s

²]

Damped response spectrum
Capacity spectrum

Sp
ec

tra
l a

cc
el

er
at

io
n

[m
/s

2 ]

Spectral displacement: 1 st storey [m]

Performance Point

Failure W8

Failure W3
Failure W1

Failure W5

 
 

Figure 11. Performance point of the four storey building 
 
 
CONCLUSIONS 
 
The present paper introduces a new displacement based design approach for masonry 
structures based on the capacity spectrum method. The building capacity curve is calculated 
iteratively using capacity curves of single shear walls. The wall capacity curves are stored in a 
well structured database depending on the masonry type, geometry and loading conditions. 
The design procedure fully utilises the nonlinear bearing reserves and is applicable for all 
types of masonry. Further research is needed to estimate the level of constraint at each floor 
level due to the bending stiffness of the floor slabs. The boundary conditions at the top of the 
wall strongly influence the results of the shear wall tests and numerical simulations. But it has 
to be kept in mind, that a general estimation is quite complex because the level of restraint is 
affected by the wall configuration, the stiffness of the slabs, the geometry of the walls and the 
vertical load level. Furthermore the procedure should be extended to arbitrary wall 
configurations in each storey and wall failures in all stories. However, the procedure seems to 
be a promising way to verify the safety of masonry structures under lateral loading due to 
earthquake and wind loads.  
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SUMMARY 
 
Brick veneer exposed to the fire provides in excess of a one hour fire resistance rating to wall 
assemblies with wood frame backing.  This is true for a brick wythe that does not have a one 
hour rating.  This fact is verified by tests of brick veneer walls with wood frame backing 
subjected to the standard fire test for wall construction used in the United States of America.  
The fire tests followed an increasing temperature at a prescribed rate.  The test requires a hose 
stream played on the fire-exposed face.  The brick veneer walls received this water stream after 
the full fire exposure.    
 
 
INTRODUCTION 
 
The fire resistant characteristics of brick masonry are well documented for the units themselves 
and for masonry walls.  Research papers and model building codes contain specific information 
and equations to establish the fire resistant resistance ratings of masonry units and walls.  These 
are typically based on the equivalent thickness of the wythe or wall.  Equivalent thickness is the 
amount of solid material in the wall or wythe within a given face area.   
 
There is little test data on the contribution of brick veneer to the fire resistance of the full wall 
assembly.  Many code officials would assert that the brick veneer wythe must have a one hour 
fire rating in order to verify that the full wall assembly, containing materials other than concrete 
or masonry, has a one hour fire resistance rating from the brick faced-side.  The International 
Building Code’s Chapter 7, Fire-Resistance-Rated Construction, (IBC 2006) does contain fire 
resistance periods of clay masonry walls and required thicknesses to protect structural steel 
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members and steel studs.  It does not do so for wood frame members.  The International 
Residential Code (IRC 2006) refers to the International Building Code for fire resistance ratings.  
 
Underwriter’s Laboratories, a private concern that tests and rates wall assemblies, publishes a 
Fire Resistance Directory (UL 2006).  This document does contain three brick veneer/wood 
frame assemblies.  Each includes brick veneer made with nominal 100 mm (4 in.) thick brick as 
an alternative exterior material.  Void area is not specified.  Only one of these wall systems does 
not include gypsum sheathing between the brick veneer and wood framing.  That assembly, 
U356, does provide a one hour fire resistance rating with brick on the fire-exposed side.  
 
For more than three decades brick manufacturers in the United States have been producing brick 
with bed depths less than the conventional 100 mm (4 inches) nominal width.  In addition, void 
area has increased from the 25% maximum to be qualified as a “solid” brick to values 
approaching 35%, which classify the brick as a hollow masonry unit.  These factors result in 
many brick that do not have the minimum equivalent thickness to provide a one hour fire rating 
for the veneer itself. 
 
The confluence of these occurrences resulted in the decision to test for the fire resistance rating 
of brick veneer walls faced with brick that have less than a one hour rating to see if a one hour 
fire rating could be achieved with these thinner hollow brick.   The one hour rating is important 
in residential construction for separation between dwellings. 
 
 
TEST PROGRAM 
 
Test Method 
 
ASTM E 119, Standard Test Methods for Fire Tests of Building Constructions and Materials, 
(ASTM 2005) was to evaluate the fire resistance rating of the specimens.  This test method 
evaluates the duration for which the assembly tested will contain a fire, retain its structural 
integrity, or display both properties for a predetermined fire exposure time.  For these tests a one 
hour duration was established as the maximum time.  E 119 subjects the exposed face to a 
specified time-temperature curve, rapidly increasing in temperature initially and tapering off with 
time.  If any component of the wall assembly begins to burn or contribute to the heat rise in the 
furnace the gas flow to the furnace is stopped until the temperature returns to the prescribed 
value.   
 
This test method requires wall specimens of at least 9.3 m2 (100 ft2).  The wall assembly is built 
in a steel frame and the frame and wall assembly are positioned as one wall of a gas-fired 
furnace.  See Figure 1.  The fire exposed face is not visible during the test.  If tested wall is 
designated as a load-bearing assembly the prescribed load is applied with jacks to the top of the 
load-bearing portion of the wall.  
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Figure 1.  Wall of Brick 2 in Frame, Being Moved to Furnace 
 
The face of the specimen away from the fire is instrumented with nine thermocouples arranged 
symmetrically in three columns and three rows, uniformly spaced on the unexposed face.  In the 
E 119 test method there are four possible failure modes: 

1. Ignition of cotton waste from gases passing through the specimen, 
2. A temperature rise of 139 degrees Celsius (250 degrees Fahrenheit) over ambient at any 

thermocouple on the unexposed side of the specimen, 
3. Inability to carry the imposed load  
4. Breeching of the wall assembly by the hose stream after fire exposure 

 
At the end of the test, due to failure or the desired time is met, the fire-exposed face of the wall is 
removed from the oven and is subjected to a hose stream for at least 60 seconds.  The water 
stream is played over the hot face of the specimen in a specified pattern.  E 119 permits the hose 
stream to be applied to a second specimen that was subjected to one-half of the fire exposure 
time.  This was not done with the specimens in this paper.  The walls that were tested for the full 
exposure time period were subjected to the hose stream. 
 
The specimens in this paper were designated as load-bearing.  A load of 11,400 N/m (780 lb/ft), 
representative of that on the lower floor of a typical, two-story, single family dwelling, was 
applied to the wood frame portion of the wall.    
  
  
Specimen Construction 
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Typical residential wall sections were constructed for these tests.  The specimens were 3.7 m (12 
ft) wide x 2.7 m (9 ft) tall constructed with 50 mm x 100 mm (2 in. x 4 in.) yellow pine wood 
studs at 406 mm (16 in.) on center.  The sheathing was 13 mm (1/2 in.) oriented strandboard 
(OSB) nailed to the wood studs, with a water-resistive barrier of #15 asphalt felt paper on the 
outside face.  The interior finish was 13 mm (1/2 in.) gypsum wallboard screwed to the studs.  
The joints were taped and treated with joint compound and fastener heads were covered with 
joint compound.  The gypsum wallboard was coated with white latex primer and paint.  
Fiberglass batt insulation with a kraft paper face was placed between the gypsum wallboard and 
the sheathing.  The wood stud framing incorporated a double top plate, a single bottom plate and 
horizontal fire blocking 0.3 m (1 ft) from the bottom of the framing.  This portion of the 
assembly conforms to prescriptive requirements of the International Residential Code (IRC 
2006) for a bearing wall.  The wood frame, gypsum wallboard, insulation, sheathing and water-
resistive membrane were placed by research laboratory personnel.  
 
The brick veneer was attached to the backing with 22 mm (7/8 in.) wide by 0.76 mm (22 gage) 
thick corrugated sheet metal anchors that were screwed to the studs.  Veneer anchor spacing 
varied amongst the specimens to accommodate different brick heights. They were in rows at 
approximately 406 mm (16 in) on center vertically.  Each of the brick veneers was attached with 
one anchor for each 0.25 m2 (2.67 ft2), the requirement in both the IBC and IRC.  Veneer anchors 
were embedded in mortar for at least 38 mm (1.5 in.).  For two of the veneer specimens this was 
in the mortar bed joints.  For one brick veneer the anchors were also bent into the core of the 
brick below.  There was a 25 mm (1 in.) air space between the inside face of the veneer and the 
outside face of the water-resistive barrier.  ASTM International C 270 (ASTM 2006a) Type N 
masonry cement mortar mixed to a volumetric proportion was used.   
 
The brick veneer was laid in half running bond by a mason contractor instructed to work to 
typical residential construction standards.  The brick veneer was laid to the wood frame walls at 
least 30 days prior to testing.  Curing was in ambient conditions in the laboratory.  Typical 
temperature and humidity ranges in San Antonio, Texas for this time between construction and 
testing are from 14 to 35 degrees Celsius (57 to 95 degrees Fahrenheit) and 30 to 75% relative 
humidity.   
 
Thermocouples were applied to the unexposed face as noted.  Additional thermocouples were 
placed under the #15 asphalt felt paper on the fire exposed side of the OSB on walls of Brick 2 
and 3.  These were at the horizontal center of the specimen and at mid-height and three-fourths 
of the height of the specimens.  
 
 
Brick Properties 
 
Each of the three brick veneers tested was built of brick with different widths and coring 
percentages.  See Table 1 and Figure 2.  Brick 1 and 2 were from commercial construction.  
Brick 3 was made as a special run at a brick plant and is purposely less than the 50 mm (2 in) 
minimum thickness permitted by the International Residential Code.  Each of the brick is 
classified as meeting the requirements of ASTM International C 652, Standard Specification for 
Hollow Brick, Grade SW (ASTM 2006b). 
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Table 1. Dimensional Properties of Brick used in Veneer 

 
Brick 

Designation 
Width, 
mm (in) 

Height, 
mm (in) 

Length, 
mm (in) 

Void 
Area, % 

Equivalent 
Thickness, mm (in) 

1 90 (3.5) 57 (2.25) 190 (7.5) 34.5 58 (2.3) 
2 73 (2.87) 64 (2.5) 241 (9.5) 36.5 46 (1.8) 
3 44 (1.75) 57 (2.25) 197 (7.75) 26.9 32 (1.3) 

 

 
 

Figure 2.  Brick 1, 2 and 3, from left to right 
 
 
TEST RESULTS 
 
Test of Brick 1 Veneer Wall 
 
The wall specimen with Brick 1 veneer easily passed the one hour fire resistance period and the 
hose stream test.  Table 2 contains the observations made by laboratory personnel. 
 

Table 2. Observations for Brick 1 Fire Test 
 

Time Observation 
0:00 Start of test. 
17:30 Smoke exiting top right corner. 
29:00 Smoke continues. 
40:00 Steaming from top corners. 
43:00 Steaming continues. 
52:00 No flames or bowing. 
60:00 End of test.  No flames, maintained load 

Post Test Brick veneer remained intact.  Minimal damage to OSB. 
 
The fire exposed face of Brick 1 veneer, after both the fire test and the hose stream, is shown in 
Figure 3.   The maximum temperature rise on any of the thermocouples was 10.6 degrees C (19 
degrees F) and the average of all thermocouples was 9.4 degrees C (17 degrees F).  The hose 
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stream was conducted for 65 seconds.  The wall assembly did not allow passage of water.  There 
was no visible cracking in the veneer prior to or following the hose stream.  After the wall cooled 
slight mortar loss in a few head and bed joints was noticed.   
 

 
 

Figure 3. Veneer of Brick 1 after Fire Exposure for 1 Hour and Hose Stream 
 
 
Test of Brick 2 Veneer Wall 
 
The wall specimen with Brick 2 veneer also easily passed the one hour fire resistance period and 
the hose stream test.  Table 3 contains the observations made by laboratory personnel. 
 

Table 3. Observations for Brick 2 Fire Test 
 

Time Observation 
0:00 Start of test. 
16:20 Steam exiting from top. 
25:00 No smoke or flaming on unexposed face. 
35:00 Minimal steam exiting from center-top. 
46:45 Minimal smoke from top edge. 
50:00 Light smoke from top. 
60:00 End of test.  No flames, maintained load 
Post Test Brick veneer remained intact.  Minimal damage to OSB. 

 
The fire exposed face of Brick 2 veneer, after the hose stream application, is shown in Figure 4.  
There was visible bowing of the plane of the veneer and a vertical crack about 380 mm (15 in.) 
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long, extending down from the top center of the veneer prior to the hose stream.  The maximum 
temperature rise on any of the thermocouples was 11.7 degrees C (21 degrees F) and the average 
of all thermocouples was again 9.4 degrees C (17 degrees F).  The hose stream was conducted 
for 65 seconds.  The wall assembly did not allow passage of water.  The building paper had a 
slight embrittlement and the OSB was slightly charred near the crack.  There was minor loss of 
mortar from one bed joint, approximately 50 mm (2 in.) long.  The maximum temperature rise 
registered by the thermocouples on the OSB was 128 degrees C (231 degrees F). 
    

 
 

Figure 4. Veneer of Brick 2 after Fire Exposure for 1 Hour and Hose Stream 
 
 
Test of Brick 3 Veneer Wall 
 
The wall specimen with Brick 3 veneer also passed the one hour period and the hose stream test.  
Table 4 contains the observations made by laboratory personnel. 
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Table 4. Observations for Brick 3 Fire Test 

 
Time Observation 
0:00 Start of test. 
22:15 Light steam exiting from left-top corner. 
26:30 Light steam continues. 
45:00 No smoke or flames on unexposed side. 
56:30 No smoke; no flames. 
59:45 No smoke; no flames. 
60:00 End of test.  No flames, maintained load. 
Post 
Test 

Brick veneer mortar joints separated in several locations, allowing substantial damage 
to occur to OSB. 

 
The fire exposed face of Brick 3 veneer, prior to the hose stream, is shown in Figure 5.  The 
veneer experienced several horizontal, one vertical and one diagonal cracks near the top of the 
veneer wythe after the fire test.  The maximum temperature rise on any of the thermocouples was 
32 degrees C (57 degrees F) and the average of all thermocouples was 26 degrees C (47 degrees 
F).  The hose stream was conducted for 65 seconds.  The wall assembly did not allow passage of 
water.  The veneer remained intact through the hose stream application.  Portions of the building 
paper had burned; the OSB was burning and charred in many locations. The maximum 
temperature rise registered by the thermocouples on the OSB was 390 degrees C (702 degrees F).    
 

 
 

Figure 5. Veneer of Brick 3 after Fire Exposure for 1 Hour 
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DISCUSSION 
 
Building Code Requirements 
 
The International Building Code assigns fire resistance ratings of masonry based on the 
equivalent thickness of the wall.  The equivalent thickness, TE, is calculated by Equation (1). 
 
TE  =  Vn/LH           (1) 
 
Where Vn is the net volume of the unit; L is its length; and H is its height. 
 
For hollow brick, those with greater than 25% void area, an equivalent thickness of 58 mm (2.3 
in.) is required to obtain a 1 hour fire resistance rating.  The only brick in this test series that 
achieved the one hour rating by equivalent thickness is Brick 1.  Cracking in the brick wythe 
increased as the equivalent thickness of the brick decreased. 
 
The International Building Code also includes a provision for protection of foam plastic 
insulation in Section 2603.5.  A thermal barrier which will provide resistance to an E 119 fire 
test for 15 minutes is required.  The thermal barrier is not required if the foam plastic is in a 
concrete or masonry wall and is covered by a 25 mm (1 in.) thickness of masonry.  Thus, the fire 
resistance of thinner masonry sections has been recognized to some extent.  The same provision 
is found in the International Residential Code, Section R314.5.   
 
The thermocouples on the OSB in Specimens 2 and 3 held near ambient temperatures for 
approximately 12 and 8 minutes, respectively and approximately 100 degrees C (212 degrees F) 
for about 45 and 25 minutes, respectively.  The first of these likely relates to heat conduction 
through the brick and air space; the second to cracking in the veneer.   
 
In order for the combustible components of the wall to ignite, the temperature at the surface of 
the moisture-resistive barrier would have to reach its ignition temperature, approximately 265 
degrees C (509 degrees F).  That can happen by conduction through the brick, or by breeching of 
the brick veneer through cracking and warping.  Specimen 3 was the only one where ignition of 
combustible components occurred.  The first of the OSB mounted thermocouple reached that 
ignition temperature after 43 minutes.  That apparently happened after the veneer cracked.  It is 
significant that the brick veneer protected the combustible materials from ignition well beyond 
the time of cracking. 
 
All of the wall specimens clad with brick veneer achieved a one hour fire resistance rating.  This 
is in spite of the fact that the brick wythes tested do not, in and of themselves, have a one hour 
fire resistance rating.  Brick 3 has a thickness less than the 50 mm (2 in.) required for anchored 
masonry veneer by the International Residential Code and the 67 mm (2 5/8 in.) required by the 
International Building Code.  This research proves that a brick veneer wythe with an equivalent 
thickness of at least 32 mm (1.3 in.) will provide a wood frame structural wall with a one hour 
fire resistance rating with the fire exposure on the veneer face.   
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CONCLUSIONS 
 
The wall specimens in these tests, with construction typical of brick veneer in residential 
construction today, achieved a one hour fire resistance rating. 
 
Brick veneer wythes with less than a one hour fire resistance rating provide at least a one hour 
fire rating resistance for wood frame walls. 
  
Brick veneer can contribute substantially more fire resistance as a part of a wall system than the 
same equivalent thickness of brick would provide as a stand-alone wall. 
 
Cracking in the veneer wythe increased as the equivalent thickness of the brick decreased. 
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SUMMARY 
 
 
Numerical analyses of masonry structures are supplied by a number of mechanical parameters 
such as compressive strength, tensile strength and modulus of elasticity of the blocks and the 
embedding mortar. These mechanical properties are mostly obtained from standard tests of 
blocks and mortar samples. However, the standard block test represents the structural behavior of 
the unit under mechanical conditions that are not the same in all tests. Moreover, the block test 
cannot directly provide the material’s properties, in this case concrete. Mortar samples are 
moulded and cured under different conditions of the in-place embedding mortar layer. Water is 
absorbed by the blocks reducing the mortar w/c ratio and thus increasing its strength. Also 
confinement effect may occur and the mortar is subjected to a triaxial stress state. This paper 
presents a discussion about these topics, based on test results and bibliographic references. 
Hollow core concrete blocks were moulded in three different strength levels. Plastic consistency 
concrete was applied to assure the application of the same material and the same compacting 
method. Embedding mortar samples were moulded in cylindrical, cubic and prismatic shapes and 
under different curing conditions. A comparison of the results showed sharp differences in the 
values of compression strength and deformability of concrete blocks and samples, depending on 
the nature of the test and the samples’ geometry. Correlation factors were found to exemplify the 
magnitude of these differences. Distinct mechanical properties of embedding mortar were found 
when considering different water loss and confinement effect conditions. It is emphasized that the 
complete characterization of the constituent materials of masonry will only be achieved by 
numerical simulations. 
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INTRODUCTION 
 
 
Despite the scientific development of masonry technology in the last years, many factors that 
influence the masonry behavior are not completely understood. The mechanical properties of the 
constituent materials of blocks are not known and the embedding mortar is subject to water loss, 
during the cure, and to confinement effect under compression. These phenomena change its 
mechanical properties in comparison to the ones obtained in axial compression standard tests 
with samples. 
 
Thus, in a numerical micro-modeling (which represents the units and mortar layers) the 
mechanical properties obtained from a block test and from standard mortar samples tests are 
utilized. Sometimes, adjusted properties are also used. Marzahn 2003 relates that a much accurate 
analysis of masonry structural behavior is necessary especially because the mechanical properties 
are not adequate to represent the condition in a numerical micro-modeling for masonry 
computational simulation or failure conditions. In accordance with Pina-Henriques 2005, in a 
numerical micro-modeling it is adequate to realize a closer evaluation of the mechanical 
properties of masonry constituent materials, e.g., concrete and embedding mortar. The 
mechanical properties differ in their real values and can induce to a completely opposing 
behavior of the structure. It is necessary to isolate and have a better knowledge of each parameter 
that influences the structural behaviour at service and ultimate stages. However, there is a number 
of challenges to be succeeded, especially because many of these parameters are derived from 
tests and the test conditions are not unique. Block geometry is different from case to case, 
confinement effects in block and prism tests are variable, steel plate stiffness affects the stress 
distribution in the tests, etc. 
 
This paper aims to present the attempts of several researches to measure the machanical 
properties of the materials that constitute the block and the changes in mechanical properties of 
mortar when subjected to the effect of loss water and confinement. The research under 
development at the Laboratory of Structures in Sao Carlos is also emphasized. The further steps 
of the ongoing research are the performance of new test series, calibration of theoretical models 
for direct and reverse analyses and performed numerical analysis. 
 
MECHANICAL PROPERTIES OF MATERIAL THAT CONSTITUTE THE 
MASONRY UNITS 
 
 
Some researchers approach the correlation between material strength and unit strength, however 
most of them do not treat this subject in full detail and only establish direct correlations. For all 
presented analyses, the area of units used in calculations is the average cross sectional area. 
 
Becica and Harris 1983 carried out experimental analysis with concrete blocks, prisms and 
samples extracted from the units. The stress-strain diagram of samples was obtained, besides the 
direct correlation between compressive strength samples and units. The sizes of hollow concrete 
blocks are 200 x 200 x 390 mm. The samples dimensions correspond to height/length ratio from 
1:1 to 2:1 with constant thickness. The average compressive strength is 18.4 N/mm², 21% higher 
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than the blocks’ compressive strength. Table 1 shows the mechanical properties obtained from 
blocks, prism and samples extracted from masonry units and Figure 1 depicts a comparison 
between the stress-strain curves of the elements tested. 

Table 1. Strength of blocks, prisms and samples. 
Compressive Strength 

(N/mm²) Element 
Gross Area Net Area 

Ultimate Strain (μ) 

Sample - 18.4 2094 
Block 9.8 15.1 1805 
Prism 5.2 8.0 1652 

 

 
Figure 1. Stress-strain curves obtained from concrete, mortar, block and prism tests, adjusted 

from Becica and Harris 1983. 

Similar tests were realized by Ganzerli et al. 2003 utilizing non-standard units in accordance with 
the American Code. The research also presents a background of other researchers that compare 
the compressive strength of samples to the concrete blocks. The authors evaluated the best 
thickness/height ratio to compare to the units’ results. The tests used concrete blocks with 
dimensions that correspond to 200 x 200 x 400 mm and extracted samples with 35x70x140 mm, 
thickness: height:length (Table 2). 
 
The differences found are justified by the authors because the samples are solid and have sizes 
smaller than blocks while blocks have cores and slender face-shells. Besides, due to the smaller 
sizes of samples, there is also less probability of failure in the bulk. The compressive strengths of 
the samples are almost 26% higher than the ones of the blocks and the differences between top 
and bottom compressive strengths are induced due to the compactness rate in the layers of the 
blocks. 
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Table 2. Test results obtained by Ganzerli et al. 2003. 

Element 
Average compression 
strength in the net area 

(N/mm²) 

Standard 
deviation 
(N/mm²) 

Coefficient 
of variation 

(%) 
Block 200 x 200 x 400 34.8 1.31 3.8 

Sample (Top) 49.1 0.14 0.3 
Sample (Bottom) 39.0 3.65 9.4 

 
Hawk et al. 1997 tested a non-standard unit with 250 mm of thickness and its extract samples. 
The values of average compressive strength are 21.9 N/mm² and 24.2 N/mm² in relation to the 
net area for the sample and the block, respectively. 
 
Tests with limestone silic (A, B), autoclaved blocks (C, D) and samples extracted from the units 
were performed by Marzahn 2003. The results obtained from the compression tests ( bf ), indirect 
tensile test ( bt,spf ) and flexional tensile test ( bt,ff ) are presented in Tables 3 and 4. A correction 
was applied to the compression test values by the block shape factor. 
 
Cylindrical samples were extracted from blocks and tested in axial compression. The author 
proposes that the elastic modulus (at 33% of maximum strength, bE ) should be calculated by 
Equation 1. The Poisson ratio values were 0.10 and 0.20 for the limestone silica and concrete 
blocks, respectively. Direct tensile tests were carried out with cylindrical samples ( bt,axf ) and 
Equation 2 was obtained. 
 

b b,cilE  = 450 f             (1) 
 

b,cilf : compressive strength of samples. 

 

bt,ax b,cilf =0.26 f            (2) 

The cylindrical samples were chosen as they are widely utilized in researches to obtain the 
mechanical properties of the concrete. 
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Table 3. Compressive strength of blocks and samples obtained by Marzahn 
2003. 

bf  b,cilf  bE  
Block Sizes (mm) 

Specific 
mass 

(kgf/cm³) (N/mm²) b

b.cil

f
f

 
A 1857 25.9 17.1 10088 0.66 
B 238 x 240 x 500 1864 20.9 12.8 9908 0.61 

       

C 544 4.1 3.9 1938 0.95 
D 200 x 240 x 500 450 3.2 2.8 1516 0.86 

 
 
 

Table 4. Tensile strength of blocks and samples 
obtained by Marzahn 2003. 

bt,ff  bt,spf  bt,axf  sp

fb

f
f  Block 

(N/mm²)  
A 2.21 1.19 1.42 0.04 
B 1.99 0.95 1.56 0.04 
C 0.93 0.33 0.95 0.08 
D 0.57 0.27 0.46 0.08 

 
Frasson Junior 2000 tested cylindrical samples (50 x 100 mm) constituted by no slump concrete 
used to manufacture hollow concrete blocks. The compressive strength of the moulded sample 
was lower than the one of the blocks, referring to the net area. Nevertheless, the main goal of this 
research was to develop a methodology for mixture design and production control in concrete 
block production plants. Three series of hollow concrete blocks (140 x 190 x 390 mm) were 
moulded varying their thickness of face-shells. Three levels of strength, took as reference, were 
obtained in relation to the gross area of the blocks: 6 N/mm², 9N/mm² and 12N/mm². The values 
summarized in Table 5 are related to the net area. 
 
In all groups it can be noted that the compressive strength of the samples are close to 20% of the 
blocks. 

Table 5. Correlation between compressive strength of blocks and samples 
obtained by Frasson Junior 2000. 

Thin face-shell Thick face-shell Level of 
strength 
(N/mm²) Block Sample Relation

(%) Block Sample Relation 
(%) 

6.0 18.5 14.5 78.4 16.4 13.0 79.3 
9.0 27.0 21.0 77.8 21.4 17.4 81.3 
12.0 32.4 26.0 80.2 32.8 25.3 77.1 
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In this way, Barbosa (2004) moulded hollow concrete blocks and samples with plastic concrete in 
different levels of compressive strength. After casting, the densities of both elements are similar. 
The size of the block was 140 x 190 x 390 mm and cylindrical samples (50 x 100 mm, 100 x 200 
mm and 150 x 300 mm), cube samples with 100 mm of edge length and prismatic sample 
(30x30x60 mm) were moulded. Compression and indirect tensile tests (with cylindrical 100x200 
mm) were carried out and the results are presented in Tables 6 and 7, related to the net area. 
Additional tests were realized with 100 x 200 mm cylindrical samples and blocks and a 
correlation given by Equation 3 was identified between their compressive and tensile strengths. 
 

b cf  = 0,72 f  + 3,34            (3) 
 
Different geometries of samples induced to distinct correlations between samples’ and blocks’ 
strengths. The values obtained from the 100 x 200 mm and 150 x 300 mm cylindrical samples 
provided the best approximation to ones of the hollow concrete blocks. The variance of concrete 
strength induced to a changing in relation to the mechanical properties of samples and blocks. 
This behavior was identified by the curves plotted in Figure 2. 
 
Each case has its particularities and prismatic and cylindrical samples with different bottom 
dimensions and manufacturing process (moulded or extracted) were tested. For this case a better 
standardization is necessary due the distinct relationships obtained. Becica and Harris 1983 and 
Ganzerli et al. 2003 found the compressive strength of the samples was around 24% higher than 
the blocks, while Frasson Junior (2000) found it was 20%. On the other hand, the values found by 
Marzahn 2003 are between 60% and 95% of the block strength. It is clear that all the tests have 
their particularities and they utilize the geometry of distinct samples (in which the confinement 
effect performs differently), different thickness/ height ratio and some methods to manufacture 
the samples. 

Table 6. Correlation between compressive strength of blocks and different size samples. 
G1 G2 G3 

Sample compf  
(N/mm²) 

Relation compf  
(N/mm²) 

Relation compf  
(N/mm²) 

Relation 

Hollow block 16.8 - 19.8 - 35.7 - 
150 x 300 mm 15.4 0.92 18.6 0.94 36.6 1.03 
100 x 200 mm 17.3 1.03 20.4 1.03 41.5 1.16 
50 x 100 mm 19.9 1.18 22.3 1.13 46.6 1.31 

100 x 100 x 100 mm 21.1 1.26 26.6 1.34 52 1.46 
30 x 30 x 60 mm 22.1 1.32 24.6 1.24 54.4 1.52 

1 Relation between block and sample. 
 

 

 

 

 

 

 

 

 

 

Click here to searchClick here for table of contents



Table 7. Correlation between tensile strength of blocks 
and samples. 

ct,spf  

(N/mm²) 
bt,spf  

(N/mm²) 
ct,sp

bt,sp

f
f

 

1.9 1.3 1.46 
2.2 1.9 1.16 
2.7 3.1 0.87 
3.1 3.4 0.91 

ct,spf : Indirect tensile strength in samples. 

bt,spf : Indirect tensile strength in blocks. 

 
 

  
(a) (b) 

Figure 2. Evolution of compressive (a) and tensile strength (b) of block due to the variation of 
concrete strength. 

 
CONSIDERATIONS ABOUT MECHANICAL PROPERTIES OF 
EMBEDDING MORTAR 
 
 
To measure the influence of the absorption of the blocks, Barbosa, Hanai and Barbo 2005 utilized 
1:1:3 (cement:lime:sand) mortar. Special shape moulds were manufactured utilizing a material 
with high absorption rate, like gypsum, to produce cylindrical (50 x 100 mm) and cube samples 
(edge = 100 mm). 
 
It can be observed that during the cure of the mortar, the suction of modified shapes reduces the 
w/c of mortar and changes its mechanical properties if it is compared to standard tests. The 
compressive strength increases twice in modified test, as the tensile strength has an increase of 
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approximately 26%. A large increase can be also observed in the elastic modulus value in the 
same proportion to the compressive strength. The values are summarized in Table 8. 

Table 8. Mechanical properties of mortar in standard and modified tests. 
Test cmf  (N/mm²) t,spf  (N/mm²) E (N/mm²) 

Standard tests 19.3 2.3 12800 
Modified tests 39.5 2.9 26700 

cmf : average of compressive strength of mortar. 

t,spf : average of indirect tensile strength of mortar. 
E: elastic modulus of mortar. 

The authors also performed additional tests to evaluate the physical properties in both types of 
mortars, after the water loss phenomena. The results are summarized in Table 9. 

Table 9. Physical properties of mortar in standard and modified tests. 
Test Absorption Specific mass Void ratio 

Standard tests 12.3% 1.92 0.24 
Modified tests 8.7% 2.07 0.18 

 
From previous results it can be concluded that the lowest strength values are due to excessive 
water for the cement and lime hydration (supposed to occur in modifies test). This excessive 
water causes an increase of the void ratio in samples. Thus, the mortar that contains the smallest 
void ratio will present the highest specific mass value and a smallest absorption capacity. 
 
Barbo, Hanai and Barbosa 2004 also moulded cubes in shapes constructed utilizing concrete 
blocks besides modified gypsum and standard shapes. The concrete shape was idealized to 
compare the absorption rate of gypsum to concrete. The relations obtained in all tests are 
presented in Table 10. 

Table 10. Correlations between compressive strength of 
mortar subjected to distinct cure process. 

cy,gf / cy,sf  3.90 

cb,gf / cb,sf  2.06 

cb,cf / cb,sf  2.00 

cb,gf / cb,cf  1.03 

cy,sf : compressive strength, cylindrical sample, standard mould 

cy,gf : compressive strength, cylindrical sample, gypsum mould 

cb,sf : compressive strength, cube sample, standard mould 

cb,gf : compressive strength, cube sample, gypsum mould 

cb,cf : compressive strength, cube sample, concrete mould 

 
Once again the suction effect is clearly present in tests. It can be emphasized that the compressive 
strength of cube samples presents the same value when they are moulded in gypsum or concrete 
shapes. Proximity between the absorption rate of the concrete and the gypsum is identified. 
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Cylindrical and cube samples do not have the same strength increase and justified due by 
different contact areas with mould of the two distinct geometries. The higher the relationship 
between the area subjected to absorption and volume of sample, the larger the increase of 
compressive strength in comparison with standard tests. 
 
Figure 3 presents the moulds utilized in the manufacture of cylindrical (gypsum) and cube 
(gypsum and concrete) samples. 

  
Figure 3. Moulds utilized in mortar samples production. 

Casali, Weidmann and Prudencio Junior 2005 evaluated the compressive strength of embedding 
mortar utilizing a penetration directly into the embedding mortar. The results were compared to 
the ones obtained in 40 x 40 x160 mm prismatic samples and 50 x 100 mm cylindrical samples. 
12 types of mortars were mixed and it was found that the compressive strength values in mortar 
samples were similar. Distinct behaviours were observed between the penetration test and the 
mortar samples, probably, due to the differences of water retention rate. In premixed mortar, the 
compressive strength value obtained for the penetration test was lower than the one obtained in 
samples contrarily to the values found to other mortars. Differences in compressive strength close 
to 60% were found in penetration and standard tests. 
 
Studies of the confinement effect on mortars were conducted by Khoo 1972. Two types of mortar 
were studied and a line equation was the best fit to determine the failure envelope of the confined 
mortar. Mohamad 1998 relates that Atkinson and Noland 1985 found a linear relationship 
between the compressive strength of the confined mortar and the transversal confinement 
stresses. The results obtained by Atkinson and Noland (1985) are summarized in Table 11. 

Table 11. Strength of mortars under triaxial compression obtained by 
Atkinson and Noland 1985. 

Compressive Strength (N/mm²) 
Mortar type Confinement Stress 

(N/mm²) 1:0.25:3 1:2:9 
0 32.6 3.4 

0.21 31.1 6.9 
0.69 32.4 8.2 
1.72 39.3 11.7 
3.44 44.2 15.2 
6.88 69 22.1 

 
The envelope failure obtained by Mohamad 1998 also presented linear behaviour in the four 
types of mortars analyzed. The values of compressive strength are presented in Table 12. 
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Guimaraes, Barbosa and Hanai 2006 carried out compression tests in triaxial cells to evaluate the 
confinement effect. Two strain gages were disposed in cylindrical mortar samples to obtain the 
longitudinal strains. Two types of mortar were mixed, 1:0.25:3 and 1:0.5:4.5. The results are 
presented in Table 13. A linear fit of envelope failure was obtained, too. 
 

Table 12. Strength of mortars under triaxial compression obtained by 
Mohamad 1998. 

Compressive Strength (N/mm²) 
Mortar type Confinement Stress 

(N/mm²) 1:0.25:3 1:0.5:4.5 1:1:6 1:1:6 
0 34.6 24.1 11.4 5.1 

0.5 36.7 19.4 13.7 6.6 
1 39.7 25.7 14.3 7.6 

2.5 44.6 31.0 17.8 - 
4 - - 22.4 - 

 
 

Table 13. Strength of mortars and elastic modulus under triaxial compression. 
1:0.25 :3 1:0.5:4.5 

Confinement Stress 
(N/mm²) af  (N/mm²) Confinement Stress 

(N/mm²) af  (N/mm²) E (N/mm²)

0 15.8 0 10.3 4104 
2.0 19.0 1.5 15.0 5456 
4.5 22.0 3.0 22.2 7140 
7.5 28.0 4.5 24.1 7360 

 
 

 
Figure 4. Stress-strain diagrams of cylindrical samples in triaxial tests. 

The increase of lateral stress causes an increase of compressive strength of mortars. Although the 
uniaxial compressive strength of the 1:0.25:3 mortar is 50% higher than 1:0.5:4.5 mortar, the 
difference does not remain during the increase of lateral stresses. In Figure 4 is presented the 
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stress-strain diagram of 1:0.5:4.5 mortar for the four level of transversal stresses. Like in the 
absorption test, the mortar in triaxial tests presents higher elastic modulus. 
 
Both the confinement effect and the water loss of the units explain the fact that mortars with 
different compressive strengths, obtained in standard tests, do not reflect the same changes in the 
compressive strength of walls. The changes in mortar behavior under the two distinct phenomena 
can be clearly noted but their real influence on the mechanical properties of mortar and, 
consequently, on the behavior of the walls will be completely understood after numerical 
simulations that consider these phenomena. 
 
CONCLUSIONS 
 
 
Many difficulties will be found in researches that aim to carachterize the mechanical properties of 
constituent materials of masonry units, mainly due to the fact that the concrete blocks have a 
distinct mould process in comparison with the standard plastic consistency process 
conventionally adopted. As a consequence, some researches utilize samples extracted from units, 
assuring the equality of the materials´ mechanical properties. However, the extraction process is a 
difficult method, which demands care, cost and time and may damage the extracted samples. A 
coherent requirement relative to samples of units is necessary to standardize this procedure, 
mainly in the compressive tests subjected to factors that induce different behaviours, such as the 
steel platen restraint and the element geometry. 
 
The highest values of compressive strength and elastic modulus were found in mortar samples 
obtained from absorptive moulds and higher confinement pressures. The gypsum or concrete 
mould induces the water loss of mortar, changing its w/c water and, consequently, its mechanical 
and physical properties. 
 
In triaxial tests, a little increase in the transversal stress causes significant increases in the values 
of compressive strength and elastic modulus. The subsequent increases in the transversal stresses 
affect less the compressive values. Similarly, the complex phenomena that occur in the 
embedding mortar can be noted. To improve the characterization of mortars’ mechanical 
properties it is necessary carry out simultaneously experimental and numerical analyses to 
compare the values obtained from samples tests to the ones from embedding mortar. Further tests 
on masonry walls are necessary to quantify the real effect of the mortar’s mechanical properties. 
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INTRODUCTION 
 
Researchers in several countries have been experimenting with various forms of mortarless 
masonry construction as a means to provide low-cost residential construction.  It also has 
been viewed world-wide as a construction method that reduces the number of skilled masons 
required to complete a project.  Meanwhile, prestressed masonry has been developed to the 
point where it is now codified in England, New Zealand, Switzerland, Australia, the United 
States, and other countries. 
 
Since the late 1990s, a system for mortarless masonry construction using post-tensioning has 
been under development and marketed in the United States.  It utilizes special concrete 
masonry units, post-tensioning tendons, post-installed tendon anchors, and surface bonding.   
 
This paper describes this mortarless masonry system and a residential application in Texas 
where a one-story, three-bedroom house was constructed on a slab on grade.  The system 
uses post-tensioned masonry to provide both flexural strength to the walls and an integral tie-
down for the roof trusses to resist high-wind forces.  Surface bonding in combination with 
post-tensioning provides shear resistance, resists water penetration, and acts as a finish for the 
masonry.  Using unrestrained tendons, post-tensioning minimizes the amount of grouting 
required, leaving the cores of the concrete masonry units available for insulation. 
 
 
BACKGROUND 
 
The use of masonry began with mortarless (dry-stack) construction.  For centuries, stone has 
been laid dry.  The Pyramids of Giza are an exquisite example of limestone ground smooth 
and fit tight without mortar (Figure 1).  Throughout the world, there are numerous examples 
of residences, walls, fortresses, and towers constructed with masonry without mortar.  These 
structures rely on gravity and friction to maintain their stability. 
 
The fascination with dry-stack masonry continues today.  While stone retaining walls are still 
popular in some regions, the emphasis now is primarily on the use of unit masonry.  A 
relatively recent adaptation of mortarless masonry has been applied to segmental retaining 
walls using either gravity or mechanically stabilized earth techniques (NCMA, 2004). 
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The concept of mortarless construction applied to 
buildings has been addressed internationally 
(Anderson 2001; Glitza 1991; Kowalsky 2004; 
Ngowi 2005; Ramamurthy 2004).  Applications have 
primarily been for residential construction, but 
commercial construction is also possible.  A 
particular appeal of mortarless masonry is that it 
requires fewer skilled masons to complete a project 
since much of the work can be performed by 
laborers directed by masons.  There are several 
features common to most systems.  These include: 
 
1. Special masonry units that interlock and have 

cores that align to accommodate grout.   
2. Reinforcement either mortared or grouted in 
 place for strength.  (However, there are some 
 systems that continue to use unreinforced 
 masonry.) 
3. No building codes controlling the design of      

such systems.  The justification for their use  is       Figure 1 – Great Pyramid at Giza,  
often based on performance-based design.                            c. 2500 B.C.                                               

                                                                                           
 
Some examples of mortarless systems and standards include: 
 
South Africa 
 
To encourage innovation, South Africa has developed a 
methodology for evaluating dry-stack systems not meeting the 
conventional standards for reinforced masonry.  The masonry 
walls are tested to meet loading criteria from the code using 
“Structural Assessment of Dry-Stack Masonry Building Systems” 
(Figure 2).  One- and two-story construction may be tested.    

 

 
 
 
 
 
 
 
 
 
 
 
Australia 
 
There are several examples of dry-stack systems in Australia.   The Sm
is composed of stretchers (Figure 3) and corner units.  It is used with g
provide structural capacity.  Developed in Australia, it has also been 
South Africa. 
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Figure 2 – Wall 
tested for out-of-
plane loading (South
Africa). 

 

art MasonryTM system 
routed construction to 
used in Sri Lanka and 



 
 
 
 
 
 
 
 
 
 
Another Australian system is the 
Boral ConnexTM mortarless system.
This also relies on conventional 
reinforcement (Figure 4).  Corner and
half units are available. 
 
 
 
 
 
 
 

 
 
Canada 
 
The Azar Dry-Stack BlockTM is anothe
interlocking system with conventiona
(Figure 5).  Canada has an evaluati
Canadian Construction Materials Centre
products and systems for acceptance. 
approved for buildings of three stories o
  
 
 

 
United States 
 
Currently, there is no design standard 
Efforts are underway by The Mason
develop guidelines and recommendation
 
The National Concrete Masonry Asso
they do not have code approval (NCMA
types of dry-stack construction: 
 1. Unreinforced, fully-grou
 2. Reinforced, fully- or par
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Figure 3 – Smart Masonry system 
(Australia). 
  

 

Figure 4 – Boral Connex TM system (Australia). 

r variation on an 
l reinforcement 
on service, the 
, which reviews 
 The system is 
r less. 

    Figure 5 – Azar Dry-Stack  
    Block TM (Canada). 

for reinforced masonry using dry-stack construction.  
ry Society and the American Concrete Institute to 
s for reinforced walls.   

ciation has published its own recommendations but 
 2003).  However, the publication does address three 

ted walls. 
tially-grouted walls. 



 3. Surface bonded walls. 
 
Because of seismic and high-wind considerations, unreinforced masonry has limited 
applications in the U.S.  Most masonry has converted to reinforced construction. 
 
Surface bonding is one dry-stack method that 
has been codified for over 30 years (IBC 2003).  
It includes using a coating to provide shear and 
flexural strength (Figure 6).  While this method 
has been allowed for unreinforced masonry, it 
has not been widely used. 
 
 
 
 
 
 

Figure 6 – Surface Bonding (United 
States). 

 
 
 
There is significant interest in dry-stack 
construction in the United States as 
evidenced by the large number of patents 
issued.  Most patents are for novel masonry 
units and rely on conventional grouted 
construction.  Figures 7 through 11 show 
several of the current or proposed systems.  
Figure 10 utilizes a metal starter strip for 
alignment. 
 
 

F
Figure 7 – Patent 3,962,842, Mortarless 
Interlocking Blocks (1976).  
 
 
 

Each system has its own alignment feature to make installation easier than conventional 
masonry units. 
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Figure 8 – Patent 6,189,282 B1,    Figure 9 – Patent 6,907,704 B2,  
Mortarless Concrete Block (2001).  Interlocking Mortarless Load Bearing 

Building Block System, 2005. 
 

 
          
 
 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 10 – Patent Application    Figure 11 – Patent Application US   
US 2007/0011979 A1, 2007.  2007/0017176 A1, Masonry Wall 

System, 2007. 
 
 
 
SYSTEM DESCRIPTION 
 
There has been research performed on dry-stack, post-tensioning systems in the United States 
(Biggs 2002) and Germany (Marzahn 2002).  In New Zealand, the first mortarless, post-
tensioned house was constructed in 2006 based on research on post-tensioning performed at 
the University of Auckland (Wight 2006).  It used grouted, post-tensioning tendons. 
 

Click here to searchClick here for table of contents



The FlexLock Wall System is patented in the United States and utilizes vertical post-
tensioning to reinforce the walls.  The system has both residential and commercial 
applications.  Additional testing is under development along with code approval.  Until code 
evaluation approval is completed, the system is used under the terms of a special structure in 
accordance with the International Building Code (IBC 2003). 
 
The primary components are special masonry units, post-tensioning tendons, and 
conventional masonry reinforcement as needed to satisfy prescriptive code requirements. 
 
The units are unusual in that they are calibrated to exacting tolerances so that they mate 
without rocking.   Calibration is accomplished during the manufacturing process by grinding 
both the top and bottom surfaces of the units, making them flat, smooth, and parallel to one 
another.  After the units are calibrated, lasers measure the unit sizes and ensure the units are 
within tolerance.  This is essential for a tight fit so the units stack evenly and the post-
tensioning forces do not cause them to crack during tensioning. 
 
Unit dimensions and shapes are other unique features.  Conventional unit masonry is 
specified by modular dimensions (e.g. 20 cm x 20 cm x 40 cm), while the actual size is 10 
mm (3/8 inch) smaller in each direction.  With the FlexLock units, the modular size is the 
actual size in all three directions.  The units are open on one end with a vertically slotted web 
for ease of placement around vertical tendons (Figure 12).  The units are installed by 
alternating the open ends. None of the units have to be lifted over the tendons. 
 
 
 
 
 
 
 
 
 
 
 
 
 

Figure 12 – FlexLock masonry unit. 
 
The post-tensioning tendons are steel bars that are typical for U.S. masonry, post-tensioning 
applications.  The first course is set in mortar to ensure leveling of the wall (Figure 13).  
Conventional reinforcing and grout are used for horizontal lintels over openings and may be 
used vertically at jambs as conditions warrant.  The top course is constructed as a horizontally 
reinforced and grouted bond beam to provide a bearing surface for the post-tensioning cap 
plate and to distribute the post-tensioning forces throughout the wall below. 
 
Besides satisfying prescriptive code requirements, conventional reinforcing and grout may be 
used at jamb openings as various conditions dictate.  Where units are cut to form openings, 
vertical reinforcing and grout are used to locally stabilize the wall and provide additional 
strength.   
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    Figure 13 – First course set in mortar around vertical tendons. 
 
 
CASE STUDY – HOUSE IN MAGNOLIA, TEXAS 
 
A residential structure was completed in Magnolia, Texas, 2006, the first of its kind using the 
FlexLock Wall System.  The house is a one-story structure with an approximate footprint of 
14.6 m x 18.3 m   (Figure 14).  Using about 213.7 square meters of FlexLock units, all 
perimeter walls, one interior bearing wall, and the demising wall separating the garage from 
the interior living space were fully erected in approximately four days. 
 
Like most building projects, the process begins with the design and production of detailed 
drawings showing the location of building elements.  The foundation plan includes a layout 
plan for the first course of units along with dimensioned locations for the post-tensioning 
tendons.  Particular attention is required to coordinate locations and dimensions for wall 
openings because of the actual dimensions of the units. 
 
Design Criteria 
 
The structure was designed in accordance with the International Building Code (IBC 2003) 
for load development, IBC Section 2109, Empirical Design of Masonry, for in-plane shear 
strength, and Chapter 4, Prestressed Masonry of the Building Code Requirements for 
Masonry Structures (ACI 530-02) for both in-plane and out-of-plane loads.  ACI 530-02 does 
not specifically apply to mortarless systems.  The design decision was to use it because the 
walls were being kept in compression. 
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    Figure 14 – FlexLock house structure near completion. 
 
 
In-Plane Shear Strength 
 
For lateral stability, the walls of the Magnolia house were designed as shear walls.  Static in-
plane shear tests have been performed on various FlexLock wall panel configurations by 
NCMA.  To date, there is no consensus on the allowable shear strength of the FlexLock 
system, and additional testing is pending. 
 
For determining allowable shear stress, mortared masonry uses a 0.45 factor to account for 
the frictional interaction between the mortar and the masonry units.  Tests on the FlexLock 
panels resulted in a coefficient of friction of approximately 0.20.  For design purposes, a 
coefficient of friction of 0.10 was used.  Tests performed by NCMA resulted in an actual 
stress of approximately 138 kPa (20 psi) before the shear test panel deflected to H/400. 
 
Because of the limited test data, a cementitious surface-bond coating was applied to the 
FlexLock shear walls to enhance the shear strength, resulting in a conservative design.  The 
IBC allows a maximum shear stress of 69 kPa (10 psi) for surface-bonded, dry-stacked 
masonry walls.  Shear walls for the Magnolia house were proportioned based on this 
maximum allowable shear stress.  
 
Out-of-Plane Flexural Strength 
 
Without mortar, dry-stack units cannot resist tension.  The post-tensioning tendons were 
designed to induce compression in the walls to overcome the tension created by out-of-plane 
flexural loads. 
 
Under the provisions of ACI 530, Chapter 4, the tendons were designed as laterally restrained 
and unbonded.  The moment strength was determined based on the axial compression from 
the prestress load, the partial weight of the wall units, and the additional dead load from the 
roof structure where applicable. 
 

Click here to searchClick here for table of contents



Once placed, the tendons were prestressed to 35.6 kN (8,000 pounds).  Accounting for losses, 
the net result is approximately 24.9 kN (5,600 pounds) for a tendon under service conditions.  
This corresponds to a uniform compressive stress of 297 kPa (43 psi) on the net wall section 
with tendons spaced at 1.22m (4 ft).  Design tension values without consideration of the 
prestressing were in the range of 172 kPa (25 psi) to 207 kPa (30 psi) were based on flexural 
loading conditions.  The prestressing was added overcome these stresses.  No consideration 
was given to the surface-bond coating for flexure. 
 
Since the controlling design condition was to avoid tension in the joints under lateral loads, 
the maximum compressive stress in the units was only 517 kPa (75 psi).  The strength of the 
units generally exceeded 13.1 MPa (1900 psi) and the design compressive strength of the 
system exceeded 10.3 Mpa (1500 psi).  Thus, the compression on the wall only utilizes 5 
percent of the compressive capacity of the system.   
 
Support for the walls was achieved by placing a reinforced concrete slab on grade.  The 13-
cm-thick slab is conventionally reinforced with a haunched perimeter and thickened areas 
under the interior bearing wall. 
 
After slab placement and curing, the post-tensioning tendon locations were laid out on the 
slab.  Holes were drilled into the slab to a specified embedment depth, and the tendons were 
placed and secured with a high-strength cementitious grout.  Once the grout cured, the tendon 
anchorages are proof loaded to verify the required strength. To facilitate placement of the 
units, the tendons may be installed with mechanical splices as the wall installation progresses 
upward (Figure 13). 
 
Once the tendons are installed in the slab, the first course of FlexLock units is laid in mortar.  
The mortar under the first course is critical to ensure that the units are level.  The placement 
method, referred to as “one forward, one back,” requires the mason to set one unit in mortar 
and then set another unit on top, one-half course behind.  This method aides in leveling the 
units and ensuring that there is no height differential between adjacent units.  
 
After the first course was laid, installing the remaining dry-stack walls progressed rapidly.  
The perimeter bond beam was installed at the top of the wall, and the post-tensioning tendons 
were tensioned with a jack and locked off to a bearing plate sitting on the bond beam.  As 
with conventional post-tensioning design, the tendons and corresponding post-tension loads 
used in the wall system account for both short-term and long-term load losses. 
 
An added benefit is that the vertical tendons were also used to anchor the dimensional lumber 
top plate on which the wood roof trusses bear, eliminating the need to provide a separate 
anchor bolt embedded into the bond beam at the top of the wall.  Connecting the top plate to 
the tendons provides a direct load path for structural forces. 
 
Once the walls were erected, the exterior surface was coated with a cementitious, surface-
bond coating.  The purpose of this coating is twofold: to provide resistance to water 
penetration and to enhance the in-plane shear strength of the wall system.  In this case, a 
stone band was added to the lower portion of the wall (Figure 14). 
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With the walls complete, the remaining framed construction was performed by conventional 
means.  Metal-plate connected, wood roof trusses were installed and sheathed.  The interior 
surfaces of the masonry walls were furred out to provide space for electrical wiring and 
fixtures and a surface to which the interior finish materials were fastened. 
 
Post-construction, a cost study was performed by Cercorp Initiatives, the developer of the 
FlexLock system, to compare the cost of using the FlexLock system with conventional 
masonry construction.  Working with a mason contractor, the study estimated that the cost of 
using FlexLock was approximately 25 percent less than conventional means, along with an 
increase in productivity of nearly 120 percent.  The savings were generated through 
reductions in mortar and grout materials, time and labor to prepare and place those materials, 
and time required for installation.  The need for fewer skilled masons was also a contributing 
factor. 
 
The result was a high-performance house constructed in a short timeframe that is a model for 
innovative design, cost savings, and productivity. 
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SUMMARY 
 
In the framework of the research activity of the ELSA Laboratory of the Joint Research 
Centre, pseudo-dynamic testing of full-scale load-bearing masonry structures is being carried 
out as the final experimental task of the research project ESECMaSE (Enhanced Safety and 
Efficient Construction of Masonry Structures in Europe). The objective is to assess the 
earthquake performance of a selected type of building, a 2-storey terraced house, and also to 
verify the theoretical, numerical and/or experimental findings obtained so far within the 
previous tasks of the project. 
 
This report describes the specimens to be tested (geometry, materials and construction), the 
testing set-up (loading conditions, instrumentation and adopted pseudo-dynamic testing 
method) as well as preliminary numerical analyses. The pseudo-dynamic test results will be 
available at the time of the conference and will be presented then. 
 
 
INTRODUCTION 
 
The research project ESECMaSE (Enhanced Safety and Efficient Construction of Masonry 
Structures in Europe) aims at an improvement of knowledge in the lateral (shear) design of 
masonry in order to enhance harmonized European design standards (mainly Eurocodes 6 and 
8). Co-funded by the European Commission under the “Horizontal Research Activities 
Involving SME’s” programme, the project is carried out by 26 European partners in total, of 
which 8 SME’s, 7 Industrial Associations and 11 research institutions. 
 
The ESECMaSE project involves several tasks, including theoretical and numerical 
investigations about the lateral loading on masonry shear walls, optimisation of the masonry 
material, static cyclic testing of masonry shear walls and dynamic testing of masonry 
structures. Most of these tasks are reported by companion papers in these proceedings (Meyer, 
Schermer, Graubner and Kranzler, Fehling at al., Fehling and Stürz, Moussakis et al.). The 
present paper addresses the final experimental task of the project, namely the pseudo-dynamic 
testing of full-scale masonry structures.  
 
In the following, the description of the full-scale test specimens and of the testing set-up is 
given. The results of preliminary numerical analyses performed in support to the design of the 
experiment are also presented. The pseudo-dynamic tests being scheduled to take place during 
the period November 2007-February 2008, the results will be presented at the conference. 

Click here to searchClick here for table of contents



CONCEPTION, DESIGN AND CONSTRUCTION OF THE TEST SPECIMENS 
 
The type of building considered for the large scale test is the so-called “terraced” house 
(Figure 1). From the plan, it is clear that such a building is seismically much weaker along its 
width than along its length. The testing direction has therefore been chosen along the width. 

 
Figure 1: The original terraced house: plan and cut elevation (dimensions in meters) 

 
Several simplifications have been assumed in order to facilitate the interpretation/comparison 
of numerical/experimental results throughout the whole project. The roof and its supporting 
structure have been considered as a mere added mass and the cellar has been considered 
perfectly rigid. The test specimen could therefore have only two storeys built on a rigid base. 
Also, the arrangement of the masonry walls at each storey has been simplified: in the loading 
direction, only the walls around the staircase and at the corners have been considered. Finally, 
in order to accommodate two types of masonry material, clay and calcium silicate, it has been 
decided to test two half houses separately, in view of the quasi-symmetry of the terraced 
house with respect to the testing direction. The final test specimen is shown on Figure 2. 

 
Figure 2: The test specimen: plan and elevation (dimensions in meters) 

5.30 
1.00 

5.30 

4.75 

1.00 

1.50 

1.40

1.20 

Testing direction 
0.20

2.50

0.20

2.50

0.40

Long walls

Main shear walls

Slender shear walls

Ground 
level 

Click here to searchClick here for table of contents



All the walls of the Calcium Silicate specimen have been built with the same bricks of type 
6DF (l x w x h = 250x175x250mm) optimised for the project (Figure 3 left). The walls of the 
Clay specimen have been built with three different types of bricks (Figure 3 right): the slender 
shear walls are made of thermal insulated bricks Z17-1-490 (l x w x h = 250 x 365 x 250mm), 
the main shear wall is made of bricks Z17-1-537 (l x w x h = 375 x 175 x 250mm) filled with 
concrete and  the long walls are made of bricks of type HLZ B 12-0.8 (l x w x h = 373 x 175 x 
249mm) with an optimised perforation pattern. The slender shear walls are therefore thicker 
in the clay specimen than in the Calcium Silicate one (365 instead of 175mm). 
 

 
 

Figure 3: The calcium silicate brick (left) and the three types of clay bricks (right) 
 
In both specimens, the bricks have been assembled with thin mortar bed joints (quick mix 
KSK-grob for calcium silicate, Planziegel-Dünnbettmörtel for clay). The head joints remained 
unfilled so that the bricks were simply put side by side, the out-of-plane connection being 
ensured by the matching vertical grooves, visible on Figure 3. No special connection has been 
provided between the walls and the concrete base/floor slabs: the bottom layer of bricks has 
been placed on a thicker mortar joint (cement mortar Z01 for calcium silicate, quality M5 
mortar for clay) whereas the concrete slab has been poured directly on the top layer of bricks.  
 
Each shear wall is connected to the perpendicular long walls through a continuous ~2cm thick 
vertical mortar joint with masonry connectors (i.e. metal strips) inserted at the level of the bed 
joints. The mortar is the same as the one used under the bottom layer of bricks. There is 
however a difference between the two specimens: in the CS specimen, the joints between the 
slender shear walls and the long walls are in the plane of the long walls (i.e. the slender shear 
walls are effectively 1m wide) whereas, in the Clay specimen, these joints are in the plane of 
the slender shear walls (i.e. the slender shear walls are 1175 mm wide). In other words, in the 
CS specimen the “corners” belong to the long walls whereas in the Clay specimen, they 
belong to the slender shear walls. 
 
The base slab has been conceived so as to allow its adequate fixing on the laboratory floor as 
well as the successive lifting/transportation of the specimen outside the laboratory for 
demolition after testing. The concrete floors have been designed for the gravity loads which 
include an additional dead load of 2.05kN/m2 (floor pavement, bottom covering and 
lightweight separating plates) and a live load of 2.kN/m2. In addition to the obtained 
reinforcing scheme (Figure 4), the central part of each slabs have been further reinforced 
around/between the anchorage of the actuators (Figure 5) to avoid any possible damage due to 
the horizontal forces application and thus to ensure a uniform horizontal displacement of each 
floor. The concrete quality was C20/25 (characteristic cylinder strength 20.N/mm2) for all 
slabs and the reinforcing steel was Fe B44X (characteristic yield strength 430.N/mm2). 

6DF”opti”. Z17-1-490

Z17-1-537 

HLZ B 12-0.8”opti”. 
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Figure 4: Slab reinforcement: lower face (left) and upper face (right) 
 

 
Figure 5: Additional reinforcement 
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The masonry materials (bricks, pre-mixed mortar and connectors) have been chosen and 
provided by the German partners involved in the material optimisation task. Also the 
realization of the masonry walls has been carried out by (German) specialised masons 
acquainted with the chosen type of masonry, in order to have a uniform workmanship for all 
the structures tested within the project. Conversely, the reinforced concrete part has been 
realized by the (Italian) building firm in charge of the civil engineering works on the Ispra site 
of the Joint Research Centre. The two specimens have been built next to one another in front 
of the reaction wall (Figure 6) but will be tested one after the other. 
 

 
 

Figure 6: The two specimens in the laboratory 
 
 
DESCRIPTION OF THE TESTING SET-UP 
 
As mentioned earlier, the pseudo-dynamic tests will be unidirectional and carried out on a 
two-storeys specimen representing half of the original structure. Thus, in the pseudo-dynamic 
algorithm, the tested structure will have only two degrees of freedom, one translation at each 
floor level. The movement of each floor slab will be controlled by a pair of hydraulic 
actuators fixed on both sides and imposing the same horizontal displacement so as to prevent 
any rotation around a vertical axis (Figure 7). The test specimen being not symmetric, the 
forces required to reach a given displacement at a floor level will differ in the two actuators 
but only their sum is necessary for the pseudo-dynamic algorithm. However, the individual 
values may be used to figure out the contribution of the different shear walls. 
 
With such a test set-up, horizontal displacements perpendicular to the testing direction are not 
prevented as they should be. However, owing to the two long masonry walls perpendicular to 
the testing direction, this displacement should remain negligible at least until the onset of 
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collapse. The actuators have a hinge at both extremities so that they can not prevent the 
collapse of the specimen. In fact, steel frames will be installed in the inter-storey spaces so as 
to support the concrete floors in case they fall down. 
 

 
 

Figure 7: The testing setup 
 
The pseudo-dynamic tests will be carried out under the vertical loading conditions used in the 
seismic design, that is, according to Eurocode 8, under the dead loads and 30% of the live 
loads. As mentioned earlier, the dead load also includes the weight of the non structural parts 
(floor pavement, bottom covering and additional lightweight separating plates) which, 
however, are not present on the laboratory specimen. Also the roof and the roof supporting 
structure are missing on the specimen: the corresponding dead load amounts to 1.2 kN/m2 and 
should be applied on the perimeter of the upper floor slab. Conversely, will be present on the 
specimen several elements linked to the testing set-up, the weight of which is significant. 
These are the hydraulic actuators, their attachments to the slabs, the additional steel 
reinforcement in the floor slabs and the safety frames positioned on the base slab and on the 
first floor in order to support the structure in case of complete collapse. Since the shear 
behaviour of a masonry wall strongly depends on the vertical load acting on it, the gravity 
load acting on the laboratory specimen should be as close as possible to the one assumed for 
the seismic design of the original terraced house. To achieve this, water tanks will be 
positioned on each floor so as to reach the desired vertical loading. The distribution of the 
tanks has been determined by comparing the results obtained on two finite element models, 
one of the original house and one of the specimen (see next section).  
 
The instrumentation includes the devices necessary to control the pseudo-dynamic test: the 
floor displacements are measured using high-resolution linear displacement transducers 
attached on an unloaded reference frame. Each displacement transducer is associated to an 
actuator and is attached near to its anchoring.  At each step, once the computed displacement 
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in each transducer is reached, the acting force in each actuator is measured by its load cell. 
Additional devices (relative displacement transducers and inclinometers) will be installed on 
the elements likely to exhibit the most significant behaviour. In particular, the shear walls of 
the ground floor will be instrumented following as much as possible the layout used in the 
static cyclic shear tests performed in the frame of the project in order ease comparisons. In 
addition, photogrammetric measurements will also be carried out over a limited area (a shear 
wall). 
 
The base acceleration is an artificial time history compatible with the Soil B, type I spectrum 
of Eurocode 8. Successive tests of increasing intensity will be performed in order to identify 
the different limit states of the structure (serviceability, damage-control, ultimate) and their 
corresponding loading intensity. A preliminary low intensity test will be necessary to check 
the functioning of whole installation (control and integration algorithm, acquisition system) 
and will provide useful information about the elastic properties of the structure (initial 
stiffness matrix, two first mode shapes, frequencies and damping values). 
 
The test will be performed by using the pseudo-dynamic method according to its continuous 
version as developed in ELSA (Pegon et al., 2007). The pseudo-dynamic testing consists of 
the step-by-step integration of the equation of motion expressed in terms of the discrete 
degrees of freedom (two in the present case) 
 
 ( ) ( )t+ =Ma r d p  (1) 
 
where M  is the theoretical matrix of mass, a  and d  represent the unknown vectors of 
acceleration and displacement respectively and ( )tp  are known external forces (seismic 

equivalent forces in this case). The unknown restoring forces ( )r d  are experimentally 
obtained at every integration step by quasi-statically imposing, by means of the hydraulic 
control system, the computed displacements. According to the testing system architecture 
implemented at the ELSA laboratory, a master controller in fast communication with the four 
actuator controllers will solve the equation of motion. 
 
In a classic pseudo-dynamic method, the execution of every integration step generally takes at 
least one second of time and includes four phases (Molina et al., 1999): 
- a finite-duration period of ramp at the target for the computed increment of displacement, 
- a stabilising period of the movement after the ramp, 
- a measuring period, and 
- a computation period for solving the next step at the integration algorithm. 
 
However, in the adopted continuous pseudo-dynamic method (Figure 8) as a difference with 
respect to the classical version, the execution of every integration step takes just one sampling 
period (S.P.) of the digital controller of the control system, e.g. 2.ms in the ELSA 
implementation (Pegon et al. 2007). The ramp and stabilising periods are reduced to zero 
duration and the measuring plus the computation periods must be feasible within those few 
milliseconds of experimental time. The surprising fact is that, since the hydraulic control 
system is unable to respond significantly at frequencies in the range of the sampling 
frequency of its controller, e.g. 500.Hz, the missing periods of ramp and stabilising are not 
needed at all. Under these conditions, the accuracy in the imposed displacement depends 
basically on the testing speed, which is characterised by the time scale factor λ  defined in 
equation (2). In order to reduce the testing speed while the experimental time lapse is kept 
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fixed to one S.P., every original time increment in the prototype domain is subdivided into a 
number of internal steps intN  (Figure 8), so that, by increasing this number, the time scale 
factor is enlarged as 
 

 intS.P.t N
T T

λ Δ
= =
Δ Δ

 (2) 

 
As shown in Figure 8, at every TΔ  the required internal values of the input ground 
accelerogram are linearly interpolated from the original record values. The total number of 
integration steps in a continuous pseudo-dynamic test can be of several millions, in 
comparison with several thousands as typically required for a classical pseudo-dynamic test 
for the same specified earthquake. This fact implies that, on the one hand, an explicit time 
integration algorithm, such as Explicit Newmark (Molina et al., 1999), can always be used 
without concerns about stability or integration error and, on the other hand, there is no longer 
need for an averaging period at the measuring of the force since any high-frequency noise at 
the load cells will automatically be filtered out in the solution. Such filtering effect is due to 
the equation response characteristics for the frequency associated to such small time 
increment. Additionally, working with the continuous pseudo-dynamic method, it is usually 
possible to perform the test in a shorter experimental time, but with a better accuracy than 
with the classical method for the same experimental hardware. This is because, as a 
consequence of the mentioned characteristics of the continuous version, the absence of 
alternation between ramp and hold periods in the controller reference signal notably improves 
the control quality. 
 

 
 

Figure 8: Continuous pseudo-dynamic method 
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PRELIMINARY NUMERICAL ANALYSES 
 
In order to design a testing set-up able to reproduce realistic loading conditions, preliminary 
numerical analyses have been carried out on two finite element models, one representing the 
“ideal” structure (half house with symmetry conditions and distributed additional gravity 
loads) and another one representing the test specimen (half house without symmetry 
conditions and with the real additional mass/stiffness linked to the testing set-up, including 
the water tanks). The objective being merely to assess the suitability of the testing set-up, the 
different parts of the structure have been assumed linear elastic. In Figure 9, the vertical 
stresses resulting from the gravity loads are plotted on both models, the displacements being 
magnified 500 times: even though the vertical displacement of the slabs at the symmetry 
section is more pronounced in the test specimen (right) than in the ideal structure (left), the 
distribution of vertical stresses in the masonry walls is quite similar. 
 

 
 

Figure 9: Comparison of the vertical stresses zzσ  under gravity loading 
 
The horizontal loading conditions (i.e. on both sides of each slab, same displacement in the 
loading direction) are suitable since a modal analysis performed on both models gives almost 
the same first mode/frequency (bending in the loading direction). Also the second 
mode/frequency of bending in the same direction is very similar. However the test specimen 
exhibits also an additional mode (bending perpendicular to the loading direction) which is due 
to the lack of displacement restraint perpendicular to the loading direction. Nevertheless, this 
spurious mode should not be activated during the pseudo-dynamic test since no loading is 
applied in that direction. 
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CONCLUSION 
 
In the framework of the ESECMaSE research project, pseudo-dynamic tests will be carried 
out on full-scale masonry structures representative of modern constructions in 
central/northern Europe. The objective of these tests is to assess the earthquake resistance of 
such kind of structures and, more precisely, to identify the relation between the earthquake 
intensity and the different limit states (serviceability, damage-control, ultimate). 
 
The specimens to be tested (geometry, materials and construction), the testing set-up (loading 
conditions, instrumentation and adopted pseudo-dynamic testing method) as well as 
preliminary numerical analyses have been reported, whereas the results of the tests, in terms 
of storey force/displacement time histories, hysteresis loops and response of the masonry 
shear walls will be presented and commented at the conference. 
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SUMMARY 
 
The loadbearing masonry specifically that with unreinforced brick masonry walls has been 
widely used in low income projects in Southern part of Brazil. This article presents a 
statistical analysis of pathological defects in these projects. The pathologies were identified 
through the application of a systematic data collection method by direct observation, which 
produced a defect index per unit (CDU). The most common pathologies defects were cracks 
and inner infiltration of water. The causes of main defects were due to inadequate use of 
construction techniques, design mistake or a combination of both. 
 
INTRODUCTION 
 
There is a great dwelling deficit in Brazil, which is estimated in about 6,4 million houses 
(João Pinheiro Fundation, 2005). Around 96% of these dwellings are occupied by families 
with a net income less than five times of the minimum salary in Brazil (about AUD 1.100). In 
order to reduce this deficit the Brazilian government has launched lots of dwelling projects, 
among them two recent projects have been widely applied nationwide: the Residential 
Leasing Program (PAR) and the Apartment in Plan program (IP). From these two programs, 
promoted and financed by the Brazilian Public Savings Bank (CAIXA), a number of 14.207 
dwelling units have been built so far in the State of Rio Grande do Sul (CAIXA, 2007). 
 
Structural unreinforced masonry with ceramic bricks is the most applied building technology 
in these types of projects. According to data from CAIXA (2007), this technology was used in 
more than 70% of finished buildings in Rio Grande do Sul from both PAR and IP programs.  
And about 20% of all finished buildings were constructed with unreinforced masonry made of 
concrete blocks. 
 
Along the process, NORIE (the building innovation research group of the Federal University 
do Rio Grande do Sul) has been playing an important role with several research programs 
together with local contractors and CAIXA itself. This present study is just one of these 
researches carried out by NORIE, and aims to analyse pathologic manifestations in those low 
income dwelling projects, the PAR and IP programs, built with structural unreinforced 
masonry. 
  
The method used in this study has been applied in other States of Brazil through a network 
research project with others Federal Universities, in order to identify the main pathologic 
manifestations in each region and to analyse the differences in applying the structural 
masonry technology in these projects. This is justified by the fact that Brazil is a country with 
great climate and cultural differences in all regions, and that all projects have applied 
structural masonry with similar characteristics.
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METHOD 
 
Sampling 
 
Eight low income projects were selected from the PAR and IP programs in Rio Grande do 
Sul, making a total of 1.034 apartments. These selected buildings were constructed by 
different contractors and all have applied the structural masonry process, either with 
brickworks or blockworks. Table 1 presents the selected projects with their main 
characteristics, while figure 1 shows a layout of a project from PAR4. 
 

Table 1. Selected projects with their main characteristics 
 

Characteristics Projects Number of 
Buildings 

Number of 
apartments Program Age* Height Contractor Masonry 

IP1 56 56 IP 12 2 floors E1 Concrete 
IP2 62 62 IP 48 2 floors E1 Concrete 

PAR3 07 112 PAR 18 4 floors E2 Ceramic 
PAR4 10 160 PAR 07 4 floors E2 Ceramic 
PAR5 03 112 PAR 12 4 floors E3 Ceramic 
PAR6 03 132 PAR 24 3&4 floors E3 Ceramic 
PAR7 10 200 PAR 10 5 floors E4 Ceramic 
PAR8 10 200 PAR 07 5 floors E5 Ceramic 

* Age in months, from the conclusion of the building to the date of the diagnostic. 
 
(a) 
 

(b) 
 

Figure 1. Illustrative example of project PAR 4: (a) layout of buildings and (b) plan 
view of a building with 4 apartments per floor 

 
Method of the systematic collection of pathologic manifestations in the buildings 
 
Data collection was done by applying the method of systematic collection of pathologic 
manifestations (by direct observation) developed by Richter (2007). This survey was done in 
the same manner in all visited units, through observation and registration of the pathologic 
manifestations of all walls (interior and exterior), ceilings, and floors. The application of this 
tool has resulted in a diagnostic, expressed by a Coefficient of Defects per Unit (CDU). It was 
possible, from this coefficient, to determine an index for each pathologic manifestation and to 
compare the buildings among them. CDU is calculated by dividing the number of pathologic 
manifestations by the total number of elements (equation 1). 

 
CDU = number of pathologic manifestations/total number of units                             (1) 

 
To get the number of elements it was considered each face (inner and outer) of a wall, ceiling 
or slab as a unit. For the number of pathologic manifestations, some criteria have been 
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considered: (a) cracks at 45o, horizontal, vertical, and stair-shape cracks with more than one 
meter long were divided in one pathologic manifestation for each linear meter, and numbered 
and codified separately; (b) map-like cracks, were divided in one pathologic manifestation for 
each squarer meter, and numbered and codified separately; (c) moisture was considered only 
when the presence of water (by infiltration, condensation or by accident) was observed inside 
the apartment. And it was also divided in one pathologic manifestation for each squarer 
meter, and numbered and codified separately; and (d) in the case of a pathologic 
manifestation identified in both faces of the same wall, it was considered just once and 
accounted for the face with the greater impact. For instance, a horizontal crack identified in 
both faces of the same wall has been accounted just for the face with greater crack opening. 
 
Selected sample units for each project represent 10% of the whole project units. This value of 
10% for the samples statistically represents a reliability level of 95%. The units were 
symmetrically selected in each project. 
 
Coefficients were compared through the ANalysis Of VAriance between groups (ANOVA) 
using software “Statistica – version 5.0”. This statistic analysis aimed to identify, among all 
collected data, what variables presented a significant statistic (with a reliability level of 95%) 
behaviour related to the accounted pathologic manifestations. 
 
Method of the analysis of pathologic manifestations causes 
 
Data collection of manifestation causes was done in three parts: (a) observation of 
construction techniques; (b) observation of the specific masonry projects; and (c) interview 
with the professionals who were involved with the construction, for example, building 
engineers. These studies were done after the presentation and discussion of the pathological 
manifestation defects data’s in each contractor. Eight projects, totalizing 1.243 apartments, 
were analysed, and all of them were built by the same contractors of the first study. 
 
RESULTS AND DISCUSSION 
 
Pathological Defects 
 
Table 2 presents global CDU coefficients and CDU per element (slabs, inner and outer faces 
of walls), calculated from data collected in the all projects studied. 

 
Table 2: Global CDU Coefficients and CDU per element 

 
CDU per element 

Project CDUAVERAGE 
CDUSLAB 

CDUWALL 
(EXTERNAL FACE) 

CDUWALL 
(INTERNAL FACE) 

IP1 0.30 0.32 0.38 0.14 
IP2 0.18 0.12 0.18 0.24 

PAR3 0.82 0.49 1.31 0.72 
PAR4 0.85 0.03 2.44 0.13 
PAR5 0.98 0.49 2.21 0.26 
PAR6 1.08 0.76 2.30 0.17 
PAR7 0.39 1.00 0.13 0.05 
PAR8 1.35 0.43 3.41 0.20 
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